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ABSTRACT

Offshore oil and gas pipelines are commonly buried below the seabed to provide
environmental stability and protection. Many of these pipelines are prone to upheaval
buckling following burial. Soil failure mechanisms can extend to the surface (shallow)
or remain localised within the soil body (deep); the exact conditions that cause this
transition are currently unclear. In very weak soils, rock fill or sand berms are added to
the surface of the completed trench after burial, to increase the required pull-out
capacity. Despite a relatively large body of research existing in the literature, much
confusion still exists as to the appropriate design parameters and failure mechanisms
involved for different homogeneous soils. The most appropriate approach for upheaval
bucking design in layered materials is even less clear.
A literature review on the upheaval buckling of buried pipelines in cohesive, granular
and layered materials was conducted, to identify issues of importance in the design
process and appropriate failure mechanisms of soil around uplifting pipelines. A
program of scaled physical models were carried out with synthetic clay (Glyben), sand
and gravel, as single homogeneous and layered materials, addressing the quantification
of the uplift behaviour of buried offshore pipelines. Soil deformation measurements
were studied using the models, employing the particle image velocimetry (PIV)
technique to investigate the velocity fields and failure mechanisms.
Numerical finite element analyses were conducted to study the resistance of undrained
soils against upheaval buckling of buried pipelines to aid interpretation of the laboratory
pullout tests and conduct further parametric studies.
Current state-of-the-art in upheaval buckling pipeline design was assessed; guidance for
the design of buried pipelines for clays, granular soils and layered soils is provided and
some aspects of uncertainty in this area are discussed.
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1 INTRODUCTION
As the world approaches “peak” oil (Hubbert, 1956), offshore oil and natural gas are
still very important sources of energy for the world. Safe and reliable transportation of
this diminishing resource of oil and gas through offshore pipelines has therefore become
of greater significant for maintaining the supply of these important fields from the seas
and ocean. This is becoming more and more critical as the risks associated with deep
water exploration (e.g. increased cost of construction and maintenance) are increasing
rapidly. Pipelines are used for several purposes in offshore hydrocarbon resources
development including: export pipelines to transfer oil and gas, pipeline bundles, flowlines to transfer product from the point of recovery to export lines, water injection or
chemical injection flow-lines, flow-lines to transfer product between platform, subsea
manifolds and satellite wells (Bai, 2003). Offshore drilling is expected to cover more
than one third of global growth in oil and gas drilling, making offshore pipeline
development an extremely important topic in the energy industry (Guo, 2005). The
components of a typical mature field are shown in Figure 1-1. These include a drilling
semi-submersible, drilling ships, field drilling jack-ups, risers, well heads, oil well
pumps, etc.

1.1 Background
As oil fields mature and more hydrocarbons come from marginal and “stripper” well
sources, smaller "in-field" flow-lines tend to be used instead of large diameter trunk
pipe lines. These small diameter pipelines are usually installed with reel-lay techniques.
With this technique, the pipeline to be laid is manufactured in a continuous length on
board of the pipe-laying vessel and then coiled onto a large reel. During the pipe-laying
process, the pipeline is usually straightened and passed over an inclined ramp.
Tensioners and/or clamps are used for holding the previously launched pipeline down
(Rodenburg et al., 2008).
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This method commonly uses small diameter pipes, but requires thicker walled pipe to
avoid local buckling during the bending and straightening process (Bransby et al.,
2001). Offshore pipelines are often buried beneath the seabed for safety, operational and
environmental concerns e.g. protection against, hydrodynamic forces, fishing activity,
icebergs, scouring and to provide on bottom stability and improving thermal insulation
of the pipeline system (Bransby et al., 2001).
Since pipelines are laid in remote and potentially hostile environments (often at great
water depth) the cost of laying and maintaining the pipeline can be extremely high, in
terms of the actual work required, equipment mobilisation times and costs, and reduced
output. Therefore, offshore buried pipelines must be constructed as quickly and
efficiently as possible, whilst maintaining the highest level of certainty against failure
for the duration of their use (up to 30 years).
To achieve high flow rates in pipelines, the gas or oil must be kept at high temperature
and pressure. Normally, these pipelines are laid with near zero axial loads, at the
ambient temperature. On heating, the pipeline will experience significant axial strain,
which is resisted by seabed friction so that compressive forces increase in the pipe.
These compressive forces are occasionally large enough to induce vertical uplift
(upheaval buckling) of trenched lines, with the pipe emerging from the soil or becoming
significantly distorted, so that its ability to withstand further loading is compromised.
Upheaval buckling (UHB) may happen on start-up or as a progressive buckling during
operation. These phenomena are due to cyclic conditions brought about by cooling and
heating due to line interruptions, which gradually 'ratchet' the pipe upwards, or from
initial lay imperfection (or a combination of the two). The soil above the pipeline and
the buoyant weight provide resistance to this uplift force and the pipeline embedment
depth must be sufficient to prevent the vertical pipe movement from occurring.
Although there have been numerous unofficial reports of cases of upheaval buckling
occurring within the industry, it is understandably rare that any of these are reported in
the technical literature. One of the few examples of a well-documented case of UHB is
the 17 km long Rolf “A” to Gorm “E” pipeline in the North Sea (Nielsen et al., 1990).
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Trenching and burial is typically achieved by specialised water jetting, ploughing and
cutting equipment. Knowledge of the in situ mechanical properties (before and
following trenching operation) of these soils is very important for the design of buried
pipeline systems; burial techniques can produce considerable disturbance to the
structure of seabed sediments, leading to changes in their behaviour. Disturbance of the
seabed in the vicinity of the trench depends on the soil type and state, and the mode of
operation of the pipeline trencher.
Ploughed soft and stiff clay trench backfill can be “lumpy” in nature with large pieces
of intact clay (approximately 50-200 mm in diameter), creating a heterogeneous
structure. Stiff clay is believed to fracture and remould and very soft or silty clay may
even partially liquefy. Homogeneity of the subsequent backfill will also be a function of
time to commissioning of the pipeline (Cathie et al., 2005). The surfaces of the clay
lumps will be remoulded and soften due to exposure to free water during ploughing.
The voids between the lumps will be filled with water, slurry and sand fractions if
present. This dual porosity material will consolidate much faster than a homogeneous
material consisting of purely intact material and a suitable model for conducting
analysis of the consolidation process is that proposed by Yang and Tan (2002).
Stoutjesdijk et al. (1998) provided information about the potential in-situ properties of
sand backfills, by assuming a backfill is formed as an equivalent hydraulic fill with
loose to very loose states (relative densities between 10% to 30%). Cathie et al. (2005)
noted similar states can be applied to mechanical trench backfilling of ploughed sand
backfills, which are likely to be in loose states.
Of particular concern to industry are trenches that have been water jetted in soft finegrained silt and clay soils, due to the potential for significant changes in structure and
the associated uncertainty of the trench backfill properties around the pipeline. A
remotely operated tracked 'trencher' (Figure 1-2) is driven over the seabed. The trencher
has a series of nozzles mounted in forward facing jet-legs, which penetrate the seabed
below. Water is pumped out of these jets at high pressure to destroy the structure of the
clay, so the pipeline will sink into it. During jetting, the structure of the seabed soil is
likely to be broken down (hydraulically fracture in stiff soils) and may liquefy
completely (for soft or silty soil). It is also possible that some intact lumps of clay could
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remain (although these may be subject to some remoulding) and these can increase the
strength of the resulting backfill.
Very little data is available for sand backfills after water jetting (Cathie et al, 2005).
Although even some time after trenching, low cone resistances have been measured by
Kvalstad (1999) who showed very loose to loose densities. Cathie et al. (2005) also
noted very loose sands offshore, that have cone resistances equivalent to soft clays.
Determining the degree of liquefaction, hydraulic fracture or remoulding that occurs
with ploughing and jetting, and the associated field conditions is an area of ongoing
research. In particular, the state of the backfill and strength gain will contribute
considerably as to whether drained or undrained conditions occur during upheaval
buckling events due to the different drainage characteristics of slurried and ‘lumpy’
backfills (Cathie et al., 2005). Likewise, the resulting time dependent backfill behaviour
following trenching will be different; both soil states will consolidate and gain strength
gradually, but this will occur much faster in the ‘lumpy’ backfill (Cathie et al., 2005).
This is particularly significant in soils with a high percentage of clay where the
consolidation process can take many months, especially after full liquefaction.
Due to interest in the area of upheaval buckling, a number of analytical and numerical
models have been developed to predict the vertical resistance to pipe movement
provided by the soil and pipeline system (e.g. Sinclair & Andrews, 1984; Selvadurai,
1989; Schaminee et al., 1990; Dickin, 1994; Moradi, 1998; Bolton & Barefoot, 1997;
Bransby et al., 2001; Bransby et al., 2002; Guo, 2005; Newson & Deljoui, 2006). These
models incorporate various assumed failure mechanisms for the behaviour of the soilpipeline system during upwards motion through the trench backfill. The models are
predominantly plane strain (2D) representations that assume soil deformation and
failure surfaces that either extend to the seabed surface (shallow) or are fully contained
within the backfill material (deep). The uplift capacity of the soil-pipeline system will
depend on the geometry of this deforming system, the mobilised shear strengths and
body weights, the relative rate of loading and the potential for detachment of the soil to
occur behind the pipe during uplift.
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Recently, a recommended practice document from the certification organisation Det
Norske Verit as [DNV-RP-F110, 2007] has been published for the prediction of the
upheaval buckling resistance of offshore pipelines in offshore soils. This document has
extended the state-of-the-art and made new recommendations for UHB analysis for
sand, gravel, clay and layered materials. However, there seems to be some controversy
within the industry as to the most appropriate way to determine some of the parameters
and the most appropriate models for different soil states.
Possible outcomes for this uncertainty are overdesign or possible failure of pipeline
systems. Often for weak materials additional rock-fill or deeper pipe embedments are
recommended; both options can increase costs dramatically (by millions of dollars per
pipeline). Sand berms have also been utilised (from local offshore sources) due to cost
savings, but their long term performance is less certain [de Groot, 1982]. Since the cost
of remedial work offshore is extremely high, the industry tends to be particularly risk
adverse and any potential improvement could have significant financial benefits.

1.2 Objectives of Thesis
Despite the aforementioned body of research existing in the literature, much confusion
still exists as to the appropriate design parameters and failure mechanisms involved for
different cases. Existing design approaches assume that deep failure does not occur for
the trench depths and pipeline geometries that are found in the field, however bounding
plasticity solutions based on the uplift of strip anchors suggest that this may not
necessarily be the case (Merifield et al, 2001). The most appropriate approach for UHB
design in layered materials is also very unclear. This thesis presents both experimental
and numerical finite element study that examines the resistance of slurried
homogeneous and layered clayey and granular soil against upheaval buckling of buried
pipelines. The specific objectives of the thesis are:

i. To conduct a literature review on upheaval buckling of buried pipelines in
homogeneous and layered soils, with a view to identifying important issues for
the design process and prediction of uplift failure of pipelines;
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ii. To conduct a program of reduced scale physical model tests that investigate the
uplift behaviour of buried pipelines through homogeneous and layered materials,
to assess the effect of particle size, relative density, burial depth, layer thickness,
overburden and shear strength on the uplift capacity;
iii. To conduct numerical finite element analyses to study the resistance of
undrained soils against upheaval buckling of buried pipelines, to aid
interpretation of the laboratory pullout tests, to provide understanding of the
phenomenon and to conduct further parametric study of the soil resistance
against upheaval buckling;
iv. To assess the current state-of-the-art in upheaval buckling pipeline design, to
provide guidance for the design of buried pipelines for homogeneous and
layered backfills.

1.3 Organization of Thesis
This dissertation is subdivided into six chapters and presented with an integrated-article
format. Each chapter has its own introduction, literature review, list of references,
tables, and figures except for the first and last chapters, which also have their own
bibliography. Detailed organization of the thesis is as follows:
Chapter 1 introduces the area of offshore pipelines, laying techniques, trenching and
describes the problems associated with upheaval buckling.
Chapter 2 is dedicated to a review of analytical, experimental and numerical studies in
the literature on the uplift resistance of buried pipelines, failure mechanisms for shallow
and deep embedments, overburden effects, variations with roughness and variations
with suction/adhesion.
Chapter 3 covers the scaled physical model tests conducted in granular material,
including a description of the basic material tests, preparation methods, pullout test
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apparatus and pullout test program. Quantification of the uplift behaviour of buried
offshore pipelines with scaled physical model tests is also addressed. Model tests were
conducted using fine and coarse sand, and gravel. The resistance forces for vertical pipe
pullout and mobilisation distances for peak resistance were investigated for varying
model geometries, soil properties and overburdens. Soil deformation measurement
using particle image velocimetry (PIV) is described and the application of this
technique for failure mechanism study for various embedments and overburdens are
illustrated. Further guidance for the design of buried pipelines for granular materials is
provided.
Chapter 4 covers the scaled physical model tests conducted using synthetic clay
(Glyben), sand and gravel, both in homogeneous materials and in layered materials. A
description of the basic material tests, preparation methods, pullout test apparatus and
pullout test program is presented. Quantification of the uplift behaviour of buried
offshore pipelines with scaled physical model tests is addressed. The uplift behaviour of
buried offshore pipelines through layered materials was investigated and guidance for
design of buried pipelines for layered materials is provided. Soil deformation
measurements using particle image velocimetry (PIV) is applied to these tests and the
resulting displacement fields for various embedments and overburdens in homogeneous
Glyben and layered material are illustrated.
Chapter 5 is devoted to a numerical finite element study that examines the resistance of
undrained materials to upheaval buckling of buried offshore pipelines. The normalised
load-deflection behaviour for a range of embedments, roughness and breakaway
conditions are presented. Plastic regions and velocity fields at collapse and the effects of
overburden pressure are also discussed.
Chapter 6 presents a brief summary of the results and conclusions of the study, and also
identifies areas for future research work.
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1.4 Significant Contributions
The key contributions from this research are:


A comprehensive review of state-of-the-art analytical, experimental and
numerical studies that addresses uplift resistance of buried pipelines in
homogeneous and layered soils has been performed and the most appropriate
approaches for design of upheaval buckling of pipelines have been identified.



Development of relationships between various parameters (including particle
size, relative density, shear strength and embedment depth) and peak uplift
force, and mobilisation distance for pipe pullout in granular and cohesive soils.



Soil failure mechanisms for high and low pipe: grain ratios have been studied
with particle image velocimetry and grain size scaling issues investigated.



Various soil failure mechanisms for pipe pullout in soils at different stages of
pullout (post-peak) have been identified with particle image velocimetry.



Development of relationships between the original pipe locations, dimensions of
weak and strong layers and layer strength ratio, and mobilisation distance and
peak uplift forces for pipe pullout in layered soil.



Finite element analyses have been conducted to study the resistance of
undrained soils against upheaval buckling of buried pipelines. The effect of
embedment depth, breakaway condition and normalised overburden has been
studied allowing the effects of self-weight to be included in predictions.
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Figure 1-1. Components of a typical mature field (Source: North Sea, 1997 Oil & gas)

Figure 1-2. Tracked Trenching System T1 (Source: Acergy, 2005)
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2 LITERATURE REVIEW

2.1

Upheaval Buckling of Buried Pipelines

This literature review has been conducted on the causes and outcomes of upheaval
buckling of buried pipelines in homogeneous and layered soils, with a view to
identifying important issues for design and prediction of the uplift failure of pipelines.
The review covers analytical, experimental and numerical studies found in the literature.
Three dimensional behaviour during upheaval buckling and the structural aspects of
pipeline interaction with soil is reviewed initially. Then two dimensional plane strain
analysis of the uplift resistance of buried objects, failure mechanisms for shallow and
deep embedments, overburden and soil state effects, and variations with pipeline
roughness and sectional adhesion forces are all discussed in detail.

2.1.1 Three dimensional behaviour and structural response of
buckling pipelines
As oil fields mature, smaller flow-lines tend to be used instead of large diameter trunk
pipe lines which are usually installed with reel-lay techniques. Offshore pipelines are
often buried beneath the seabed for safety, operational and environmental concerns. The
structural response of a buckling buried pipeline was first investigated by Timoshenko
and Goodier (1934). They identified that the force equilibrium between the net available
uplift resistances (Wu) and axial compressive forces P, governs the buckling stability of
the pipeline (Figure 2-1). Upheaval buckling of buried offshore oil and gas pipelines
initiates from axial compressive forces induced by the operating temperature and
pressure of the hydrocarbons coupled with overbend imperfections (hills) in the pipeline
profile (Palmer et al., 1990). Initially, a pipe is laid on an uneven seabed with
imperfections in both the horizontal and vertical directions. When the pipeline is
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trenched and backfilled, some of these overbends and imperfections may smooth
(Palmer et al., 1990). With line starts-up or during operation, the internal pressure and
temperature of the pipeline increases, leading to thermal expansion that is resisted by
the seabed soil. Hence axial compressive forces develop in the pipeline. The pipeline
will tend to buckle in the direction of the weakest lateral resistance, which depends on
the pipe material behaviour, shape of the pipe, bending stiffness, imperfections, bedding
and cover conditions. In trenched pipelines, the weakest lateral resistance is most likely
to be in the vertical plane (Schaminee et al., 1990).
The interaction between the compressive axial force and bending pushes the pipeline
upwards at the crest of the overbend (Palmer et al., 2003). The pipeline’s self-weight
and the upheaval resistance of the overlying soil retains the pipeline in its original
position. If the upheaval forces exceed the pipe self-weight and uplift resistance of the
soil, the pipe moves upwards, which increases the curvature of the pipe and the uplift
resistance further reduces, until the pipe becomes unstable and jumps suddenly to a new
equilibrium position, typically above the seabed (Palmer et al., 2003). Therefore the
pipeline may have excessive vertical displacement or plastic yield deformation, which
corresponds to failure (Palmer et al., 1990). Structural buckling theory for pipelines has
been studied by a number of people, e.g. Palmer and Baldry (1974), Nielsen and
Lyngberg (1990), Palmer et al. (1990) and Palmer et al. (1994).
Sufficient resistance against upheaval buckling can be provided by deep and heavy
cover materials. Trenching and backfilling of offshore pipelines or overlying rock
berms can prevent upheaval buckling from occurring along the pipeline (Palmer et al.,
2003). However, both of these options can increase costs dramatically. Therefore it is
essential to have an accurate estimate of the available uplift resistance from the cover
material and the mobilisation distance to peak resistance load (Palmer et al., 2003). The
predictive solution for any particular pipeline section will depend on the initial
imperfection (out of straightness) profile (Croll, 1997). As the axial force equilibrium
becomes unstable, a sudden (dynamic snap) thermal buckling occurs for a small initial
out-of-straightness (OSS) and a more gradual movement happens for larger
imperfections (Nystrom et al., 2001). Aynbinder & Kamershtein (1982) reported an
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example of a 1020 mm (40 inch) pipeline that moved out of the ground over a distance
of about 70 m (imperfection length), to a new equilibrium with the pipe axis 4.2 m
above the surface. The typical wave length of pipeline buckles is in the range of 70-100
m, Nystrom et al. (2001).
Although our understanding of upheaval buckling is developing, very few studies have
addressed the three dimensional aspects of the thermal initiation of the phenomenon.
Moradi and Craig (1999) also conducted three-dimensional tests in a centrifuge with 20
to 40g radial accelerations. They successfully induced buckling in a 6 mm diameter
pipe, 1800 mm long by pumping hot water through it and restraining the ends. Maltby
and Calladine (1995) performed 1-g experiments involving a pipe of diameter 6 mm and
length 5 m in dry sand, where the buckling was induced by means of an increased
internal pressure and an axial force applied to the end of the pipe. Schupp et al. (2006)
studied upheaval buckling behaviour in a research project at the University of Oxford.
The program of tests included two phases. The first part of the test program included
plane strain (2D) pipeline burial tests to investigate the relationship between pullout
resistance, pipeline diameter, cover depth, and uplift rate, under drained and undrained
conditions. They compared their results with the previous experimental work and found
favourable agreement. The second phase of tests was comprised of three dimensional
experiments to induce a buckle in a model pipeline and observing the axial loaddisplacement response and embedment depth.
An idealised model by Ballet and Hobbs (1992) for an infinite pipeline was developed
to investigate the asymmetric effects of “prop” imperfections (where the pipeline profile
adopts a single isolated short imperfection shape) on the upheaval buckling of pipelines.
Moradi (1998) advanced this model for a restrained pipeline. Taylor and Tran (1994)
developed a prop-imperfection buckling model for offshore pipelines. The idealised
model shows a rapid jump in the pipe when temperature rises to an approximate
threshold of 45o C to 50o C. The adopted models show that the pipe starts to buckle
gently at about 19 o C and 25 o C, while in the isolated prop model, the pipe buckles at
28o C (Moradi and Craig, 1998).
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Similar soil-structure interaction problems to upheaval buckling have also been
presented in the literature, such as laterally loaded piles, pipelines subjected to
liquefaction, lateral spreading, slope failure, fault movements or landslides, and frost
heave of pipelines in permafrost (Rajani et al., 1993). These latter two pipeline related
problems have been studied in detail by Nixon et al. (1983) and Selvadurai (1988).
Nixon et al. (1983) simplified the pipeline interaction to a plane strain problem and
considered the pipe to be a passive component of the system.

Selvadurai (1988)

analyzed the elastic behaviour of a shallow embedded pipeline, with a thermo-elastic
analogy. Rajani et al. (1993) proposed a solution for a beam in an elastoplastic medium
using the load-displacement curves of Rowe and Davis (1982).
Palmer et al. (1990) noted that the stability of a pipeline depends on its local profile
(shape) and on the available downward force that holds the pipe in its position.
Assuming the pipe is stationary, the major governing parameters are the applied axial
compression force and the flexural rigidity of the pipe.
An arbitrary buckled pipeline profile can be defined with coordinates of vertical height
(y) and horizontal distance (x), see Figure 2-1. By idealising the pipeline as an elastic
beam, beam-column theory can be applied for defining the relationship between this
pipeline profile and the downward load per unit length (W(x)) to keep the pipeline in
equilibrium (equation (2-1)).

W( x )   EI (

d y4
d x4

)  P(

d y2
d x2

)

(2-1)

Where EI is the flexural rigidity of the pipe and P is the axial compressive force on
pipe. It should be noted that the downward force required to maintain equilibrium of
this system is related to the profile shape through the 2nd and 4th derivatives of the
equation.
In solving beam-column theory (equation (2-1)), the soil around the pipe can be
modeled with a set of uncoupled pseudo-spring mechanisms (Figure 2-2) that represent
the soil resistance as a nonlinear function of pipe deflection, which are known as “p-y”
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curves, where (p) is soil resistance and (y) is soil (or pile) movement. The ultimate
resistance (pu) can be computed by analytical models for shallow and deep embedments.
In vertical piles, models for soil resistance near ground surface (shallow) assumes that
the soil mass at failure condition moves vertically and horizontally (wedge mechanism)
and models for deep soil resistance assumes soil mass at failure condition moves just
horizontally (Reese et al., 2004). These curves provide a practical approach and are
widely used for the design of piles. They were suggested originally by McClelland and
Focht (1958). The loading on the pile is two dimensional (i.e. no torsion or out of plane
bending). Hence equation (2-1) must be solved for implementation of the p-y method;
the general solution can only be found using a numerical method such as the finite
difference technique (Reese et al., 2004). A number of approaches recommended in
ASCE guideline for the seismic design and oil and gas pipeline systems (1984) are
based on this method.
Rajani et al. (1993) developed an approximate 3D finite element modeling approach for
a beam embedded at a finite depth. They used four node thin shell elements formulated
by Bathe and Dvorkin (1986) and the surrounding medium was modelled by eight node
brick finite elements, with a material behaviour described by the von Mises failure
criterion. Their approximate 3D solution accounted for embedment and the breakaway
condition behind the pipeline by using the 2D load displacement curve developed by
Rowe and Davis (1982). They compared the results of the approximate solution with a
full 3D finite element analysis performed by Pollalis (1982) for laterally loaded piles in
an elastoplastic medium and another full 3D finite element analysis by Trochanis et al.
(1991) for laterally loaded piles that accounted for the nonlinear response of the soil, as
well as separation between the pile and surrounding soil. They showed by comparison
that their approximate analysis base on 2D curves traces the trend of the more accurate
finite-element solutions.
Klever et al. (1990) developed the finite element program (UPBUCK) to analyse the
upheaval buckling response of offshore pipelines. The program is widely used in
industry and considers the finite axial stiffness of the pipeline, the pipeline longitudinal
resistance, the incremental flexural rigidity for large deflections and the finite stiffness
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of the founding soil. It also calculates the response of the pipeline to increasing
operating pressure and temperature and is able to follow the deformation into the postbuckling range (Palmer, 1990).
A semi-empirical UHB design method was developed by Palmer et al. (1990), assuming
a sinusoidal pipeline profile imperfection with maximum vertical height of  (ymax) and
length of L; the profile can be defined with equation (2-2) below:

y   cos 2 (

x
L

)

(2-2)

Using this profile with equation (2-1), the downward load per unit length (Wx) required
to maintain equilibrium is:

2x


W( x )  (8EI ( ) 4  2P( ) 2 ) cos(
)
L
L
L

(2-3)

This load is maximized at the crest of an imperfection (or buckle). Therefore the
downward load per unit length of the pipeline required to stabilise the pipeline at the
crest of the profile imperfection is:





W( x )  8EI ( ) 4  2P( ) 2
L
L

(2-4)

The assumed shape of the profile does not affect the general form of the equation, but
rather just affects the coefficients. Therefore a general dimensionless form of the
equation can be written as equation (2-5):

w  2(

 2

)  8( ) 4
L
L

(2-5)
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Where w=(wEI)/(P2) is a dimensionless maximum download parameter and

L=L√(P/EI) is a dimensionless imperfection length. w can be plotted against L to
approximate the results of upheaval buckling responses for different design cases. The
resulting plot is universal and forms a valuable design summary (Palmer et al., 1990).
The form of (equation (2-5)) suggests that the functional relationship between w and L
is:
(2-6)

w  cL 4  dL 2

where “c” and “d” are constants to be determined numerically. This was expressed by
Palmer et al. (1990) by plotting w L2 against L-2. In this bilinear graph, two groups of
data were characterised, one corresponds to an imperfection profile, where the shape
adopts an upheaval buckling post-upheaval mode and the other group represents a prop
imperfection profile, where the pipeline profile adopts a single isolated shape.
Therefore, two pairs of values for “c” and “d” are identified and can be used for design
purposes. An additional condition occurs when a profile contains a very short
imperfection. Hence, for calculating the design resistance load required for stability, the
three equations are:

w  0.0646
w  88.35L 4  5.68L 2
w  343L 4  9.6L 2

L  4.49
4.49  L  8.06
8.06  L

(2-7)
(2-8)
(2-9)

The pipeline designer can usually define the maximum height of a profile imperfection
(), but determining the imperfection length (L) is not as easy. However, this can be
assessed by presuming that the pipeline profile form is dictated by interaction of the
flexural stiffness and its weight in the installed condition. By substituting

w=(wEI)/(P2) and L=L√(P/EI) into equation (2-9), a design formula for the
maximum required soil download per unit length (Wmax) for stability in the operating
condition can be derived:
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Wmax



 1.16  4.76




EIwo 

 .P. wo
P 
EI



(2-10)

where wo is the installation submerged weight of the pipe; P is the effective axial force
in operation; EI is the flexural rigidity of the pipeline;  is the maximum height of the
imperfection. In practice, this value is compared to the maximum available 2D
resistance (see section 2.1.2) found from pipeline uplift experiments or calculated from
soil wedge mechanisms using the available soil parameters (e.g. Schaminee et al.,
1990).
Although the above description of thermally induced upheaval buckling indicates that
the problem is three dimensional in nature, design approaches can vary in their
sophistication. DNV (RP-F110, 2007) suggests that the design should limit the
complexity of the analyses whenever possible. It has been shown that 2D, 2½D or 3D
models can all be used to approximate the behaviour of the pipeline system and this
depends on the complexity of the site, materials and pipeline, and also the stage of the
design (i.e. preliminary or final). Implicit within many of these approaches are
calibrated or validated 2D information from pipeline soil pullout tests (which is the
focus of this thesis). DNV (RP-F110, 2007) also suggests that specific design checks
may be required to prove the relevancy of these models using more sophisticated
approaches (i.e. full 3D FEM).

2.1.2 Plane strain analysis of upheaval buckling of pipelines
2.1.2.1 Problem geometry and loads

A typical buried pipeline is shown in Figure 2-3, with a pipe diameter, D and
embedment depth, h (measured from the seabed surface to the centreline of the pipe) or
H (measured from the crown of the pipe to the surface). These two definitions of
embedment depth are both commonly used in the literature. For a 2D plane strain
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analysis to be valid the pipe buckling wave length is assumed to be sufficiently large or
the results only apply to a small section of the pipeline. The embedment ratio is defined
as the ratio of the depth of embedment to the diameter of the pipe (i.e. h/D =
[(H+D/2)/D] or H/D). At failure, an uplift force Wt (per unit length of the pipe) is
required to move the pipe vertically upwards, such that it exceeds the capacity of the
soil above and around the pipeline. In general, for a given pipe this total ultimate uplift
force, Wt can be defined as:

Wt  Wu  W p

where:

(2-11)

Wt = the total ultimate uplift capacity per unit length of pipe,
Wu = net ultimate uplift capacity per unit length of pipe,
WP = effective self-weight of the pipe per unit length.

The two dimensional net ultimate uplift capacity (Wu) is the primary focus of this
research study and how it varies with different soil states and geometric conditions.
Typical diameters (D) for small in-field pipelines are between 100-460 mm, which are
the current limits of offshore reel-lay techniques. Minimum burial requirements in
industry are for the crown of the pipeline to be at least 600 mm below mean seabed
level. However, where buckling is thought to be an issue, backfill requirements may be
up to 1.5m; embedment ratios of h/D of 3 to 4 are typical. Anti-corrosion protection and
thermal flow assurance are important for the durability and reliability of oil and gas
pipelines. Hence external coatings surrounding the high yield strength steel pipeline are
common. A wide variety of coatings are now in use, such as extruded polyethylene,
fusion bonded epoxy or polypropylene (Guan et al., 2005), and systems vary in different
parts of the world. Whilst design approaches ensure that the effective self-weight (Wp)
of the pipeline (and hydrocarbon product) provide negative buoyancy, the difference
between the specific gravity of the pipeline and the specific gravity of seawater and the
saturated seabed should be relatively small to provide temporary on bottom stability,
but it does not result in excessive sinkage of the pipeline into the seabed. Large offshore
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pipelines often have specific gravities in excess of 1.6, but small in-field pipelines
(which have composite pipe coatings) are generally lower, and can be as low as 1.11.15, which is controlled by the thickness of the pipeline walls and the specific gravity
of the coating(s).

2.1.2.2 Source of information in the literature

To assess the risk of pipeline upheaval, it is essential to have accurate and reliable
estimates of the uplift resistance (Wu) of the soil-pipeline system.
To date, there has been considerable research carried out to measure and predict the
pullout resistance of a range of objects buried in sandy and clayey soils. However, much
of this research has concentrated on anchor behaviour (e.g. Meyerhof and Adams, 1968;
Ashbee, 1969; Vesic, 1971; Davie and Sutherland, 1977; Gunn, 1980; Das, 1978 and
1980; Ranjan and Arora, 1980; Rowe & Davis, 1982; Das et al., 1985a and 1985b;
Vermeer & Sutjiadi, 1985; Saran et al., 1986; Koutsabelouis and Griffiths, 1989;
Kumar, 1999; Narasimha and Prasad, 1993; Khing et al., 1994; Small et al., 1998; Yu,
2000; Merifield et al., 2001; Thorne et al., 2004; Martin and Randolph, 2006; Song et
al., 2008). For design applications it has been found that there are similarities between
pullout failure mechanisms for buried plate anchors and pipelines (White et al., 2008).
In addition, recent interest from industry has prompted (e.g. Cathie et al., 1996; Finch,
1999), dedicated studies of drained and undrained uplift behaviour of buried pipelines to
address the absence of data and understanding (e.g. Sinclair & Andrews, 1984;
Selvadurai, 1989; Schaminee et al., 1990; Dickin, 1994; Moradi, 1998; Bolton &
Barefoot, 1997; Bransby et al., 2001; Bransby et al., 2002; Guo, 2005; Newson &
Deljoui, 2006). General discussions of the problems associated with upheaval buckling
have also been reported by Finch (1999), Guijt (1990), Palmer et al. (1990) and Cathie
et al. (2005), and a number of case studies detailing upheaval problems that have
occurred in practice have been reported by Cathie et al. (1996) and Nielsen & Lyngberg
(1990). These studies have identified and postulated various failure mechanisms for the
soil-pipeline system during vertical uplift through the trench backfill. The models are
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predominantly plane strain (2D) representations that assume soil deformation and
failure surfaces that either extend to the seabed surface (shallow) or are fully contained
within the backfill material (deep).

2.1.2.3 Depth and breakaway conditions

A number of different forms of failure mechanism have been proposed for modelling
the uplift resistance of buried objects. These are often sub-divided into two cases:
immediate breakaway and no breakaway (e.g. Merifield et al., 2001). For the immediate
breakaway case, the soil at the bottom interface of the object cannot sustain any tension
and upon upwards loading, the vertical stress immediately beneath the object reduces to
zero and the object is no longer in contact with the soil below. For the no breakaway
case, the object/soil interface is able to sustain enough tension during loading to ensure
full contact between the object and the soil, and no gap appears during uplift. The soil
type, state and the rate of loading have an important role in the resulting response
during uplift. The soft cohesive soils tend to behave with a no breakaway condition and
stiff cohesive and frictional soils behave with immediate breakaway. If the rate of the
loading is fast enough to prohibit drainage, the soft cohesive soil will more likely
behave with a no breakaway condition.
Failure mechanisms can also be sub-divided based on their mode of failure, into deep
and shallow cases. A shallow object is defined as one where the failure mechanism
above the object extends to the ground surface at the ultimate load. Hence the upper soil
boundary plays a role in the failure mechanism and uplift capacity of the pullout event.
In contrast, a deep object is not affected by the ground surface boundary and the failure
mode is localised around the object. For any buried object, there is a critical embedment
depth (h/D)crit that is thought to exist, where the transition from shallow to deep soil
mechanisms will occur. With greater embedment, the ultimate capacity or resistance of
the soil-object system will eventually reach a limiting value and for practical purposes,
further embedment causes no increase in capacity. Typical shallow and deep failure
mechanisms for a pipeline (with and without breakaway) are shown in Figure 2-4.
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2.1.2.4 Pipe-soil interface condition

Murff et al. (1989) suggest that for immediate pipe embedment into a relatively weak
clay seabed under self-weight, zero adhesion () for undrained conditions may be
reasonable. Based on the plasticity solutions for cylindrical piles and T-bar
penetrometers moving laterally through clay, Randolph & Houlsby (1984) and
Randolph & Andersen (2006) indicate that a design value of =0.4 is more appropriate.
Whilst the adhesion may also be taken as the inverse of the sensitivity of the soil (Zhou
and Randolph, 2007). Experience with offshore piles (e.g. DNV-RP-E303, 2005) would
suggest that  is a function of plasticity index, over-consolidation ratio, thixotropy and
sensitivity, and can vary between 0.22 for normally consolidated silty clay to 1.0 for
normally consolidated high plasticity clay. Observations made during experiments and
field tests also indicate that time periods of the order of months are required for
significant adhesion to develop. Thus the development of partial or full adhesion
between the pipeline and the soil is a relatively complex phenomenon, and
consideration of the changes to the degree of consolidation of the disturbed backfill soil
or any movements of the pipeline prior to commissioning must be made to estimate the
magnitude of .
For drained conditions roughness of the pipe can be defined in terms of equivalent
friction coefficient, which depends on the internal friction angle of the soil (′) and
on the properties of soil-pipeline interface (Cathie et al., 2005). API (RP2A-WSD 2000)
suggests tan (′-5°) and DNV (RP-F109, 2010) suggests tan (′). Finch et al.
(2000) defined a more general relationship: fr.tan(′), where recommended values of
fr are a function of different coating roughnesses and grain sizes of soil.
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2.2

Soil Resistance to Pipeline Uplift: Analytical Methods

Two main approaches for the modelling of buried pipe pullout from soils are reported in
the literature: methods where the resistance of the soil to upward pipe movement is
considered and methods where movement of the object alone is considered. The
following section describes the major works found in the literature covering the former
approach. Both drained and undrained models are considered. It has been observed
previously (Dickin, 1994) that the failure mechanisms for infinite strip anchors are
similar to those found for pipelines. Hence methods of analysis for both forms of object
are shown in this section. The models have been subdivided on the basis of shallow and
deep failure modes.

2.2.1 Shallow uplift theories
2.2.1.1

Vertical slip surface model, Majer (1955)

The most basic failure mechanism postulated for the vertical movement of a pipeline is
shown in Figure 2-5. Two vertical slip planes (AB and CE) extend from the edges of the
pipe to the soil surface and the soil block above the pipe (ABCE) undergoes a large
vertical displacement equal to the pipe displacement. Majer (1955) used this mechanism
to calculate the uplift capacity of relatively shallow buried objects in drained soil. The
uplift resistance per unit length, Wu is derived from the body (ABCE) above the pipe
and the shearing resistance along the vertical slip surfaces (AB & CE) and is given by:

1  D
Wu
D 
 H 
 1  (  )  K tan  '  1 

2 8 H
 HD
 D  2 H 

2

(2-12)

where K is the lateral earth pressure coefficient and ′ is the effective angle of internal
friction of the soil. The lateral earth pressure coefficient is used to calculate the effective
stress conditions on the slip plane assuming that h′ =K.v′ where v′ is the initial
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vertical effective stress (v′ =′z). This is then used to calculate the shear stress
mobilised on the slip plane, =h′ tan ′. It is clear that as the pipe displaces upwards,
the soil conditions around the slip plane will change due to both the upwards pipe load
and due to shear deformation of the soil. K is therefore very difficult to calculate. Due
to the difficulty in selecting K theoretically, values of K have been recommended
empirically for different soil conditions, e.g. K = 0.4 for 'loose sand' (Dickin, 1994;
Trautman et al., 1985).
For undrained soil conditions, when a gap can form behind the pipeline, the upheaval
buckling resistance can be expressed as a function of the weight of the wedge of the soil
above the pipeline and the undrained shear strength mobilised to each side of this wedge
using the same mechanism as shown in Figure 2-5. This simple mechanism gives the
uplift capacity:
Wu
D 2c  H 1 
 1  0 .1  u   
 HD
H  H  D 2 

(2-13)

Where, cu is the average undrained shear strength on the vertical slip planes.
2.2.1.2 Balla (1961)

Balla (1961) developed a theory for a plane stress state and proposed a circular arcshaped slip failure surface tangential to the edge of the anchor. Kotter’s equation was
used to find the shearing resistance along the circular arc and this is assumed to cut the
ground surface at an angle of ′ (Figure 2-6), where′ is the angle of internal
friction of the soil. Bella derived the ultimate uplift resistance:
c'
Pu  ( D  t ) 3 F1  ( D  t ) 3  [ ( D  t ) F2  F3 ]



(2-14)

where Pu, is net ultimate uplift capacity, F1, F2, F3 are factors depending on ′ and , a
coefficient characteristic of the anchor’s dimensions.
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2.2.1.3 Mariupol’skii (1965)

Mariupol’skii (1965) proposed a mathematical theory for the ultimate uplift resistance
of shallow anchors that assumes a progressive failure mechanism initiates with
compression of the soil above the anchor plate and that starts with the same diameter of
the anchor plate. During the pull out, vertical compressive stresses increase leading to
an increase in frictional resistances along the slip surface (Figure 2-7). Hence, failure
happens when the frictional forces along the surfaces reached a maximum and soil
separation forms a wedge above the anchor. Ultimate uplift capacity (Pu) is given by:
   d 2


 D1     2 K  D  tan  '   4c'  D  
0

  B
 B  
B
 2


2 
Pu  ( B  d )
2
4
D
D
1     2n 
B
B

(2-15)



where, K0 is lateral earth pressure coefficient, ′ is the internal angle of friction of the
soil, c′ is cohesion, n is an empirical coefficient (about 0.025 ′- in radianand d is the
diameter of the shaft. B is the diameter of the circular anchor.

2.2.1.4 Matsuo (1967)

Matsuo (1967) assumed that the failure planes above an anchor adopted a logarithmic
spiral shape with   0 e  tan ' equation tangential to a plane slip surface and considers
both the shear and normal forces on the shear planes (rather than shear only, as does the
Balla theory). Matsuo also noted that the tension cracks that extend to the surface during
pullout coincide with the ultimate pullout load. The logarithmic spiral and plane slip
failure surface are shown in Figure 2-8. The ultimate uplift resistance (Pu) is derived by
equation (2-16):

Pu  V  T'

(2-16)
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where V is the volume of the soil in the displacing solid of revolution and T′the
vertical component of the resultant shearing resistance acting on the slip failure surface.

2.2.1.5 Meyerhof and Adams (1968)

A semi-empirical theory of ultimate resistance of strip anchors in sand and clay was
developed by Meyerhof and Adams (1968). They proposed that a soil mass with curved
slip planes (Figure 2-9) was lifted up with the anchor. The weight of the soil and the
forces on the curved slip plane are summed to calculate the ultimate uplift load (Wu).
The failure surface reaches the ground surface for shallow embedments (Figure 2-9).
The Meyerhof and Adams original strip anchor theory for shallow anchor ultimate
capacity is given by:

Wu  Ws  2c ' h   ' h 2 K u tan  '

(2-17)

in which, Ws is the weight of the lifted soil mass per unit length, c′ is the apparent
cohesion of the soil on the slip surface. Ku is the pull out coefficient of earth pressure on
the vertical slip surface and for granular materials; Ku was found to be relatively
constant for a wide range of  ' and may be taken as 0.95 for pipelines.

2.2.1.6 Vesic (1971)

Vesic (1971) developed a theory for pullout of shallow circular anchors in a general c′′ soil based on spherical cavity expansion close to the surface of a semi-infinite,
homogeneous, isotropic solid. With the expanding spherical cavity, and when the
limiting pressure of the soil is reached, a circular slip failure surface forms above the
cavity which initiates yielding. These solutions gave the ultimate radial pressure needed
to break out a cylindrical or spherical cavity embedded at a depth below the surface of a
solid. The pullout capacities for strip and circular anchors were then assessed by
assuming the pullout load was equivalent to the ultimate cylinder and spherical cavity
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pressure. The presumed slip surface is similar to Balla’s theory with a circular arcshaped surface, tangential to the expanded cavity reaching the ground surface at an
angle of ′ (Figure 2-6) and creating a shallow mechanism. The ultimate uplift
resistance load is equal to the limiting cavity pressure at yield:

Wu  c' Fc  DFq

(2-18)

Where:
Fq  1 

Fc 

B 2C1 D
D

 4C 2 ( ) 2
B
B
3D

2C 3 D
D
 4C 4 ( ) 2
B
B

C1 to C4 are expressions in ′ and c′.

2.2.1.7 Davie (1973)

Davie (1973) presented a description of theories based on cylindrical and conical slip
surfaces above an uplifting anchor. These models assume that the frictional forces on
the slip surfaces, the self-weight of the anchor and the volume of soil uplifted all
contribute to the uplift capacity of the anchor. These ‘drained’ models are similar to the
failure mode shown in Figure 2-10 with variations of the shape/angle of the slip
surfaces extending to the ground surface and have been described as earth cone, earth
pressure and shearing stress theories respectively by Davie (1973). The net ultimate
uplift resistance in frictional and cohesive soils is found to be:

Wu
D
D
 1  2  tan  '4 / 3( ) 2 tan 2  '
 ' Dh
B
B

where ′ is the angle of the slip surfaces

(2-19)
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2.2.1.8 Frustum Model, Das (1990)

This model assumes that the uplift resistance is provided by an inverted, truncated
prismatic block of earth lying above the pipe extending at an angle /4+′/2 to the
horizontal (see Figure 2-11, after Das, 1990). Ignoring the frictional resistance, the net
ultimate uplift resistance is found to be:
1

Wu   ' Dh  2  ' h 2 cot  ' 
2


(2-20)

Hence:
Wu
h
' 

 1  cot 45  
D 
2
 ' hD

(2-21)

This model predicts that as the angle of friction increases, the pipe load reduces which
is counter-intuitive and contradicts data found from experimental and numerical studies.

2.2.1.9 Schaminee et al. (1990)

Schaminee et al. (1990) presented a simplified version of the vertical slip surface model
and used this to examine the results from a series of large scale laboratory pipe uplift
tests. The model has the advantage of simplicity and employs the mechanism shown in
Figure 2-12. This is the same mechanism as in Figure 2-5, except that the slip plane is
truncated at the level of the crown of the pipe (EF) and soil below this level is ignored.
When the soil is drained with an angle of friction, ′, the uplift resistance is equal to the
weight of the soil moved vertically above the pipeline and the friction mobilised in the
soil using the mechanism shown in Figure 2-12. The weight of the rectangle of soil
above the pipe (of area H×D) is therefore ' HD and the shear stress developed on each
of the two slip planes of length H is given by ′h.tan′=K. ′.(H/2).tan′. The uplift load,
Wu can then be expressed as:
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Wu
H 
 1  K tan  '  
 HD
D

(2-22)

which is a simplified version of equation (2-12). Schaminee et al. (1990) then reexpressed equation (2-22) more generally as:

Wu
H
 1 fd  
 HD
D

(2-23)

where fd is the drained uplift resistance coefficient (thus f d  K tan ' ). Equation (2-23)
and the uplift factor, fd has become used extensively for design. Schaminee et al. (1990)
quote uplift factors of 0.15 for very loose sand, 0.4 for loose sand and 0.6 for gravel or
rock fill for H/D<4 based on large scale experimental results.
An equivalent model was applied for undrained soils. The uplift resistance is governed
by the undrained shear strength of the soil:

Wu
H 
 b  fu  
DC u
D

(2-24)

where cu is the undrained shear strength of clay and fu is the undrained uplift resistance
factor. Schaminee et al. (1990) quote a lower bound value of b = 1.1 and fu=0.2 for
remoulded clays based on large scale experimental results.

2.2.1.10 Modified Schaminee model

The Schaminee method (being a simplified version of the vertical slip model) has
become a favoured design method due to its simplicity. However, ignoring the soil
below the level of the crown of the pipeline may reduce accuracy of the design method
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and requires separate uplift factors to be used for different embedment ratios. Indeed, as
the cover depth of the pipeline is reduced, the calculated forces given by the Schaminee
method become too small if there is no change in fd with H/D. For example, as the
pipeline crown reaches the soil surface, the effective cover height, H=0 (although
h=D/2) which suggests that Wu = 0. However, because the ‘shoulders’ of pipe remain
beneath the soil surface there will still be a soil resistance on the pipeline due to this
soil. This resistance is not encompassed in the traditional Schaminee model because the
soil block goes down only to the crown of the pipe. Bolton and Barefoot (1997) sought
to address this problem by introducing a modification to the Schaminee model. They
rewrote equation (2-23) using a modified uplift factor, which did not change with H/D
and they suggested a new equation:

Wu
D
D 
 H 
 1  0.1  f modified  1 

H
 HD
 D  2 H 

2

(2-25)

where fmodified is a new uplift factor. Equation (2-25) was used to analyze their
centrifuge model test results to produce a value of fmodified. This could be used to
calculate a value of fd for the standard Schaminee (equation (2-26)) using the following
equation:



D 

f d  f modified 1 

 2H 

2

(2-26)

Closer examination of their method of deriving equations (2-25) and (2-26) suggests
that the use of the modified method (equation (2-25)) implies the full vertical slip
surface model of Majer (1955) and that fmodified = K tan ′.
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2.2.1.11 White et al. (2001)

White et al. (2001) proposed an inclined failure surface for frictional soil based on the
limit equilibrium solution. It was proposed that the angle between slip surface and
vertical line is identical to the dilation angle of the soil. The suggested failure
mechanism is shown in Figure 2-13. The normal stress on the slip surface was assumed
to be constant. The peak uplift load, Wu is expressed by:

Wu   ' hD   ' h 2 tan   ' h 2 (tan  'max  tan )(1  K 0 )  (1  K 0 ) cos 2  / 2

(2-27)

where K0 is the earth pressure coefficient at rest of the soil, ′max is the peak friction
angle of the soil and  is the dilation angle.
2.2.1.12 Simplified undrained model

A simplified form of the undrained model presented as (equation (2-13)) can be derived
(e.g. Cathie et al., 2005) assuming the reduced form of geometry shown in Figure 2-12:

Wu   ' H . D  2 c u H

(2-28)

This model again ignores the contributions of the soil in terms of weight and shear
strength above the mid-height of the pipeline on the upper shoulders to the crown. A
purely empirical relationship for undrained pullout capacity of pipelines was also
suggested by Palmer et al. (1990):
 H
Wu  cu .D. min 3, 
 D

(2-29)
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2.2.2 Deep uplift theories
2.2.2.1 Mariupol’skii (1965)

When a deep anchor reaches a maximum or limiting uplift load, Mariupol’skii (1965)
proposed that a conical wedge forms immediately above an anchor. This wedge forces
the soil above, apart and to the sides of the anchor/wedge system, allows it to move
under constant load (Figure 2-14). Mariupol’skii assumed deep anchor reaches a
maximum or limiting uplift load under applied load and the equated the work done to
move the anchor a certain vertical distance (D) to that work done in expanding a
cylindrical cavity of the same height from its original diameter. The ultimate uplift
resistance can be obtained from:

Pu 

 r  .( B 2  B02 )
4(1  0.5 tan  )

(2-30)

where, r is the radial pressure. Bo is the width of the anchor shaft causing pullout and B
is the anchor width.
The soil is assumed to be in plastic equilibrium within a certain radius and elastic
equilibrium beyond this distance. The size of elasto-plastic boundary and the limit
pressure are presented in expressions given by Mariupol’skii (1965), which are
functions of unit weight (), angle of friction (′), undrained shear strength (cu), anchor
diameter (B) and coefficient of volume compressibility (mv).

2.2.2.2 Meyerhof and Adams (1968)

For a deep anchor condition, Meyerhof and Adams (1968) assumed that the slip failure
does not extend to the surface of the soil body. The extent of the local shear failure is
introduced into the analysis by limiting the slip surface height (he) and providing a
surcharge pressure above the failure surface level. Deep condition failure for the
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Meyerhof and Adams theory is shown in Figure 2-15. For purely cohesive soils the
ultimate resistance is given by:

Pu  Ps 

 . B 2 N u cu
4

(2-31)

where Ws is the weight of the soil above the anchor (of width B) and Nu is a limiting
value of the theoretical bearing capacity coefficient, defined by Meyerhof (1951). He
estimated Nu=9.34 for a rough anchor in a perfectly rigid soil with embedment ratio
higher than 1.7. This value would reduce to 7.0 in a highly compressible material using
the Bishop et al. (1945) theory for limiting internal pressure in a sphere.
2.2.2.3 Vesic (1971)

Vesic (1971) further developed his theory of spherical cavity expansion, which is based
on the solution for the amount of pressure required to expand a point charge within an
infinite, homogeneous, isotropic mass of soil. As the point charge expands, a spherical
cavity with radius Ru is formed, which compresses and displaces an elastic zone
overlying the plastic zone such that the volume increase at the limit of the plastic zone
is equal to the increase of the original cavity. Vesic uses the stress equilibrium condition
at the plastic boundary to derive an equation for ultimate cavity pressure. This approach
allows the pullout of objects of generalized shape (including anchors, pipes and spheres)
to be determined. The proposed breakout force for an embedded object could be
calculated using:

 c 
Wu
 Fq   u  Fc
 ' hD
  'h 

(2-32)
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where the cavity breakout factors Fq (for anchors and pipes) and Fc are calculated using
cavity expansion theory values are given in Table 2-1, which depend on the shape and
relative depth of the cavity, as well as the angle of shearing resistance of the soil ().
The first number is Fc, the second number is Fq for an anchor and the third number Fq
for a pipe. The solution can also be found in terms of more fundamental parameters,
where Fc and Fq are found to be functions of angle of friction and rigidity index (ratio of
soil stiffness to initial shear strength).

2.2.2.4 Randolph and Houlsby (1984)

Closed form upper and lower bound plasticity solutions were developed by Randolph
and Houlsby (1984) to assess the ultimate lateral resistance at depth of a laterally loaded
circular pile in a clay soil to purely horizontal movement. The soil was modeled as an
isotropic, rigid, perfectly plastic material obeying associated flow and the problem was
reduced to a plane strain condition in plasticity theory, calculating the load on a long
cylinder moving laterally through an infinite medium. Hence for a deep seated failure of
a buried pipeline (of diameter D) for a no breakaway condition in a clay soil of shear
strength (cu), the uplift capacity (Wu) is given by:
W u  N p .c u . D

(2-33)

Where Np is a bearing capacity factor, which is a function of adhesion (or roughness) of
the pipeline
The assumed failure mechanism for a fully rough pipe is shown in Figure 2-16. As the
pipe moves through the soil, a region of high mean stress occurs ahead of the pipe and
low stress behind the pipe. Soil is seen to flow around the pipe from top to bottom.
Planes of principal stress occur at the top and bottom of the pipe (at 45°) originating at
the pipe centreline and through the centre of the pipe in a direction perpendicular to the
movement. The triangular zones at the top and bottom of the pipe bound a volume
(abc), which stays rigidly attached to the pipeline during movement and does not
mobilise the full adhesion on the pipe surface. The other regions in the mechanism

38
(bounded by the circular arcs) are fan shear zones (or similar). The mechanisms
proposed are found to vary in the volume of the deforming region with differing surface
roughness (adhesion, ); a greater deforming zone is found for rougher pipes. The value
of Np is found to vary from 6 +  to 4 2  2 for fully smooth ( = 0) and rough (
=1) cases respectively. In practice, an intermediate value is often assumed and Np is
commonly taken as 10.5. These values compare to those of Broms (1964) with an
empirically based Np = 9.0 and the data from Poulos and Davis (1980) for a square pile
pushed parallel to a diagonal (where D is the length of the diagonal) which gives a Np =
8.28 for smooth and 11.14 for rough cases.

2.2.2.5 DNV-RP-F110 (2007)

The certification organisation Det Norske Veritas recently issued a recommended
practice document [DNV-RP-F110, 2007] for Global Buckling of Submarine Pipelines.
The uplift resistance for shallow, immediate breakaway conditions in drained and
undraind conditions is described by equation (2-12) and equation (2-13) already shown
in this chapter. However, the uplift resistance for shallow and deep conditions with no
breakaway is described by DNV (2007) with the following equation:
W u  N po .c u .D . '

(2-34)

where Np is the theoretical uplift capacity factor, cu is undrained shear strength at center
of the pipe, D is pipe diameter and ' is an empirical factor based on field tests. The
uplift capacity factor can be expressed as:



 H  D/2
N p  2 1  1 / 3 arctan
(1   ) 
D





(

H  D/2
)  4.5
D

(2-35)

This factor also accounts for the adhesion at the pipe interface (), which varies from
zero to one for smooth and rough surfaces respectively. The variation of Np with
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embedment ratio (h/D) and pipe roughness is shown in Figure 2-17; note that ‘deep’
conditions are found to occur for both smooth and rough pipelines at h/D=4.5. The
factor Np takes values of 9.14 and 11.94 for smooth and rough pipes (as per the
Randolph and Houlsby [1984] solutions) and 6.28 for both the smooth and rough cases
for h/D=0. The guideline also recommends that the use of an empirical reduction factor,
′, (with a range between 0.55 and 0.8) to account for rate effects, viscous effects and
progressive failure.
DNV-RP-F110 (2007) also considers an uplift resistance model for cohesive soils with
an additional gravel layer to increase the uplift resistance. The design guide notes that as
long as the pipe is below the boundary between the clay and gravel layer, a local
(equation (2-34)) failure (in clay) mode occurs. It also notes that the added gravel may
penetrate into the clay layer, which decreases the effective clay cover depth to the
gravel interface. When less than 50% of the pipe is embedded in the clay layer, a
homogeneous gravel/rock model (equation (2-25)) can be used. For higher embedments
in the clay, a softer response needs to be considered; Figure 2-18 shows a typical forcedisplacement curve for this failure mode in DNV-RP-F110 (2007). This loaddisplacement curve, R1 is the uplift resistance provided by clay layer, R2 is the uplift
resistance provided in the material layer and f is the mobilisation distance from end of
clay response to the second peak in gravel. The recommended values of an uplift
resistance factor are 0.5 to 0.8 for gravel/rock and between 0.4 and 0.6 for sand cover.
The value of f is 0.4D for gravel and rock and 0.6D for sand cover and zp is 0.5 to 0.1
m for gravel/rock and 0.02 to 0.05 m for sand cover.

2.2.3 Mobilisation distance for peak load (p)
A number of different studies have tried to identify the appropriate uplift displacements
to mobilise the full uplift load.
Bransby et al. (2001) identified a peak mobilisation displacement of about 0.5% of the
embedment depth from finite element analysis. Trautmann et al. (1985) suggested a
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mobilisation distance of the peak load at about 0.5 to 1.5% of the embedment depth.
Dickin (1994) reported p/D of about 1 to 15% for dense sand, about 1 to 40% for loose
sand for embedment ratios of 1 to 8 and p/H ranging from 1 to 2% in dense and 1 to
5% in loose sand for the same range of embedment ratio. Cheuk et al. (2008) reported
(p=1% H) for coarse dense sand, which is in close agreement with Bransby et al.
(2001) and Trautmann et al. (1985). DNV-RP-F110, [2007] suggests mobilised
displacement ratios (p/H) of 0.5-0.8%.

41

2.3

Numerical Analysis of Buried Pipeline Uplift

Numerical analysis of the uplift behaviour of buried objects has been conducted
previously using finite element analysis (e.g. Ashbee, 1969; Davie, 1973; Rowe and
Davis, 1982; Sinclair and Andrews, 1984; Koutsabelouis and Griffiths, 1989; Sloan et
al., 1990; Kumar, 1999; Thorne et al., 2004; Guo, 2005; Newson and Deljoui, 2006;
Randolph et al., 2006; Song et al., 2008) and numerical bound solutions (Gunn, 1980;
Sloan et al., 1990; Yu, 2000; Merifield et al., 2001). This section briefly describes
findings from some of these investigations.

2.3.1 Rowe and Davis (1982)
Rowe and Davis (1982) analyzed the uplift of strip anchors by means of the elastoplastic finite element method in clays using the soil-structure interaction theory at the
soil/ anchor interface depicted by Rowe et al. (1978). They suggested that the applied
load required to cause failure of a plane strain plate anchor (width B) in a clay soil
(obeying the Mohr-Coulomb failure criterion) with undrained shear strength, cu, may be
expressed as:
Wu  N a .cu .B

(2-36)

where Na is an anchor capacity factor and takes the lower value of (i) Na=Nao+s.qh/cu,
where Nao is a dimensionless capacity factor for an unbonded (breakaway) case, s is a
coefficient for the effect of overburden stress and qh is the overburden stress at a depth
H and (ii) Na = Nao*, where Nao* is the capacity factor for a fully bonded (no breakaway)
condition. The coefficient ‘s’ is thought to have a value close to 1 and be independent of
K0. Rowe and Davis (1982) adopted an apparent stiffness of one quarter of the elastic
stiffness (K4 failure criterion) to define a practical failure load which occurs below
collapse load to limit the deformation caused by contained plastic flow. Variation of
dimensionless capacity factor (Nao or Nao*) for breakaway and no breakaway conditions
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is shown in Figure 2-19. Merifield et al. (2001) stated that this is a serviceability
restriction on the ultimate load and believed that “this definition of failure is in contrast
to that used in plasticity analysis”. Rowe and Davis (1982) also investigated the effects
of anchor thickness, roughness, anchor shape, layer depth and suction. It should be
noted that the ‘strip anchor’ curves form the basis of current ASCE codes for buried
pipeline vertical uplift capacity (ASCE, 1984).
In a companion paper Rowe and Davis (1982) analyzed the uplift of strip anchors by
means of the elasto-plastic finite element method in sands using the soil-structure
interaction theory at the soil/anchor interface depicted by Rowe et al. (1978). They
considered the effect of friction angle, dilation angle, embedment, initial stress state K0
and anchor roughness in vertical and horizontal anchors. They suggested that the
applied pressure required to cause failure of a plane strain plate anchor in cohesionless
soil with an angle of friction ′ may expressed as:

qu   .h.F'

(2-37)

Where  is the unit weight of the soil, h is the depth to the bottom of the anchor and
F′is an anchor capacity factor which is a function of orientation, embedment ratio,
angle of friction, dilatancy, initial stress state and anchor roughness. F′can be
expressed as a basic anchor capacity factor and a number of modification factors:
F'  F .R .RR .RK

(2-38)

Where Fis the anchor capacity factor of the basic case of a smooth anchor resting in a
soil which deforms plastically at constant volume (=0) and with a coefficient of earth
pressure at rest K0=1. R, RR, and RK are correction factors for the effect of dilatancy,
anchor roughness and initial stress rate, respectively. The K4 failure criterion was
adopted to define the practical failure load (which occurs below collapse load).
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2.3.2 Merifield, Sloan and Yu (2001)
Merifield et al. (2001) investigated the stability of plate anchors in undrained clay using
a finite element formulation of upper and lower bound analyses based on a rigid plastic
soil response (obeying a Tresca yield criterion). Merifield et al. (2001) used the
approach of Sloan (1988) and Sloan et al. (1995) with a numerical formulation to
construct statically admissible stress fields (lower bound) and kinematically admissible
velocity fields (upper bound). They presented the uplift capacity for shallow failure
mechanisms (for immediate breakaway) in terms of the break-out factor, Nco where the
uplift force is given by:

Wu
 .H
 N co 
cu
B.cu

(2-39)

Similar to most of the analytical models in the literature, this analysis is derived from
weightless soil models (Nco) and soil weight is applied as a linear superposition of
dimensionless overburden pressure (H/cu). Merifield et al. (2001) found that this
hypothesis is reasonably accurate for small strain analysis. Merifield et al. (2001)
produced plots of upper and lower bound solutions for Nco as a function of embedment
ratio, H/B. The upper bound failure mechanisms observed by Merifield et al. (2001) for
the shallow anchors (H/B=2) are similar to the mechanism of Gunn (1980). The
intermediate cases differ from the vertical slip plane model due to a widening of the
failure mechanism above the anchor. This widening reduces the soil sliding velocity in
the moving monolithic body and so decreases the failure load (leading to a better upper
bound solution).
The equations for upper and lower bound solutions are shown below:
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 2.H 
N co  2.56 ln

 B 

Lower bound

(2-40)

 2.H 
N co  2.76 ln

 B 

Upper bound

(2-41)

These solutions show that the bounds for weightless, homogeneous soils are generally
well bracketed particularly at lower embedments. Upper bound and lower bound
breakout factors for horizontal anchors in homogeneous soil is shown in Figure 2-20
and compared with the cavity expansion breakout factors (Yu, 2000). The effects of
anchor roughness, overburden and soil strength increase with depth were also
investigated by Merifield et al. (2001).
The effect of inhomogeneous soil, with increasing strength with depth, was incorporated
into the analysis of Merifield et al. (2001) using the dimensionless ratio .B/cuo, where
 = dcu/dz (the rate of increase of strength), B is the anchor width and cuo is the soil
strength at the surface. It was found that the breakout factor could be modified
according to the following equation:


 .B  2 H

N co   N co 1  0.383
 1 

cuo  B



(2-42)

Practically, the value of .B/cuo is unlikely to exceed 0.2 and this will provide some
increases in undrained stability up to the limit values given previously.
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2.3.3 Vanden Berghe, Cathie and Ballard (2005)
Vanden Berghe et al. (2005) studied soil behaviour during pipe uplift in loose and very
loose sand (relative densities of 0% to 20%) using plane strain finite element analysis.
They modelled the strain softening soil by applying a negative dilation angle to the
Hardening Soil Model in PLAXIS and investigated the failure mechanisms for a drained
condition of both dilative and contractive soils. The shearing mechanisms in the dilative
sand are comparable to those of White et al. (2001), who found a similar mechanism
with an inclined shear plane angle slightly greater than . In contrast for the contractive
very loose sands, an asymmetrical circular flow around mechanism was observed.
Vanden Berghe et al. (2005) also noted that the flow around mechanism could occur in
dense sand after peak loading was reached and the pipe moved sufficiently enough to
open up a gap. Vanden Berghe et al. (2005) calculated the normalised uplift forces for
very loose sand, when the flow around mechanism occurs and reported values of
Nup(=Wu/HD)= 2 for H/D=2 and Nup=2.8 to 3.8 for H/D=6, which corresponds to fd
values of 0.5 for H/D=2 and 0.3 to 0.46 for H/D=6.

2.3.4 Thorne, Wang and Carter (2004)
Thorne et al. (2004) conducted a series of plane strain finite element analyses on
homogeneous clay soil for the problem of undrained failure during pullout of buried
strip anchors. The analyses assumed that a thin, smooth, rigid anchor was displaced
until failure occurred. Large strain analyses with remeshing were conducted, with
different assumptions made for the ability of the soil to sustain tension. The effects of
overburden have also been incorporated explicitly into the analyses. The study found
that the uplift capacity of the strip anchors was a function of the non-dimensional
parameters H/B, .H/cu and uc/cu, where uc is the cavitation pore water pressure. These
parameters represent embedment depth, overburden pressure, undrained shear strength
and tension capacity of pore water pressure. Their results indicated that for shallow
anchors, failure in tension will occur from the ground surface downwards and stronger
soils are more likely to fail in tension. Deeply buried anchors are subject to localized
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failure modes instead of tension failure and therefore the uplift capacity is dependent on
the shear strength rather than overburden pressure. Thorne et al. (2004) concluded that
shallow anchors embedded in stronger soils fail at low displacement due to a tensile
mode of failure and even sudden failure can occur. In comparison, shallow anchors
embedded in weak soils are expected to undergo large displacements before failure.

2.3.5 Song, Hu, and Randolph (2008)
Song et al. (2008) investigated strip and circular plate anchors during vertical pullout in
normally consolidated clay by using small strain and large deformation finite-element
analyses. The fully bonded and breakaway (vented) conditions were examined. The
results were compared to existing laboratory test data, finite element results and
analytical solutions. Their results indicated that for fully bonded anchor, in large
deformation analysis, the pullout capacity factor formed a unique curve which is not
dependent on undrained shear strength, soil unit weight, and anchor width. The study
shows that the transition between the shallow and deep failure mechanisms occurred at
embedment ratios of 2 for a strip anchor. The ultimate pullout capacities for deep
embedment were 11.6 for smooth anchor and 11.7 for rough anchors. Their results show
that for deep embedments even when the anchor base was vented, the soil attached to
the anchor and breakaway did not occur. Song et al. (2008) concluded that for small
strain analysis, the pullout capacity factor in weightless soil with uniform strength
showed a good agreement with existing small scale laboratory tests and numerically
truncated finite element results. The study concluded the discrepancy between existing
laboratory data and analytical solutions was found to be due the effect of soil strength
ratio.
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2.4

Experimental Modeling of Soil Resistance to Uplift
Force

Laboratory studies of pipe and anchor uplift behaviour in clay and sand soils has been
quite limited. Most of those reported in the literature have had some disadvantage in
that scaled models were used (without an enhanced gravity field) and thus the stresses
in the model were not equivalent to the prototype. Some full scale tests have been
conducted, but there have also been limits on the size of the chamber required and
boundary effects may have been problematic. However it should be noted that full scale
pipelines may be as small as 150 mm diameter. Hence model scales may be as low as
1:5. The details of some of these tests are given below.
A range of laboratory tests have been conducted by the following researchers on buried
anchor plate or pipeline pullout from clay and sand soils: Adams and Hayes (1967), Ali
(1968), Bhatnagar (1969), Kupeferman (1971), Meyerhof (1973), Davie and Sutherland
(1977), Rowe (1978), Das (1978, 1980, 1989), Stewart (1985), Baba et al. (1989), Rao
and Prasad (1992), Kumar (1993), Das et al. (1994), Khing et al. (1994), Das and Singh
(1994), Forrest et al. (1995), Rao and Datta (2001), Bransby et al. (2001), Bransby et al.
(2009), Ng and Springman (1994), Moradi et al. (1998), Palmer et al. (2003), Fisher et
al. (2002). These materials range from reconstituted natural clay and silty-clay soils to
sand, gravel and artificially produced kaolin and bentonite clays conducted under
natural gravity conditions (1g) using scaled model anchors of varying sizes and shapes.
Cambridge University investigated uplift resistance (Bolton and Barefoot, 1997),
including very soft clay (Finch, 1999). Scaled physical models of pipelines and trenches
were constructed, filled with various forms of clay backfill. Most of the tests were
performed at 1g, later tests were performed in the centrifuge at 10 g and 20 g.
Through the investigations, it was suggested that the uplift resistance of soft clay should
be described using a drained analysis. This was because this provides a lower uplift
capacity than the undrained case and might occur in the long-term depending on the
field loading rates. Therefore, in the tests, pipes were extracted slowly enough to allow
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the dissipation of excess pore pressures around the pipe so that drained conditions could
be simulated.
More recently, centrifuge modelling was conducted by Chin and Craig (2004). This was
conducted on the Manchester centrifuge to determine uplift factors for pipes (at 16 g) in
sandy-clay soil. Further testing on clay backfills was conducted on the Dundee
centrifuge by Bransby et al. (2002). A range of embedments were investigated (H/D
from 2.7 to 3.4) with various prototype times (0.5 to 2 months) from burial to
investigate the pullout properties during undrained pullout. The silty-clay backfill
material was presumed to be slurried from trench jetting and extremely low uplift
factors were found. Cheuk et al. (2006) performed a series of centrifuge tests to assess
the vertical pressure on a buried pipeline in lumpy clay fill. A model pipe was buried in
clay lumps, made from natural clay of Gulf of Mexico. The lumpy clay was allowed to
consolidate and different pullout rates were investigated.
Vesic (1971) performed a number of experimental pullout tests on horizontal circular
plate anchors in soft and stiff clays and compared the results with analytical solutions.
The observed resistance of the soil was compared with the Vesic (1971) solution. Vesic
investigated soil remolding, suction effects, load inclination, soil liquidity, soil
adhesion, ocean bottom slope, rate and load characteristics.
Bransby et al. (2009) studied uplift resistance of loose sand and suggested an
approximate formula for calculating the pipeline upheaval forces in loose sand.

Wu
D 

 10.51 
 tan  
 HD
 2H 

(2-43)

This formula can be used to calculate the flow around forces in pipe pullout tests in
loose saturated uniform sand high rate of loading. It has been shown the drainage rate
can have significant on drainage condition of sands and provoke a partially drained
response.
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Schaminee et al. (1990) conducted full scale pullout tests on a 100 mm diameter pipe
embedded in saturated soils. Loose and dense sand, rock and clays were all investigated
for various pipe embedment ratios (H/D = 4 to 12). Different cover geometries and
loading regimes were studied too. Due to difficulties associated with preparation of the
clay, only a single result was produced for the clay backfill and the data is sparsely
reported. Bonar and Ghazzaly (1973) also report a series of ‘flotation’ tests in slurried
clay soils using pipelines at low embedments (H/D = 2), with full scale pipe diameters
(0.3 m and 0.9 m).
Stewart (1985) studied the uplift resistance of scaled model circular anchors on artificial
clay known as Glyben, overlain by a dense sand backfill. The anchor diameter was 50
mm with 5 mm thickness and its position was fixed within the artificial clay as shown in
Figure 2-21 . Glyben is a mixture of Bentonite and Glycerol. Stewart conducted a series
of tests on non-vented anchors in homogeneous Glyben, homogeneous sand and layered
Glyben–sand with various overlay depths from H/B=1.5 to H/B=9.0. Stewart (1989)
found that the cohesionless soil overlay significantly increased the ultimate pullout
capacity of plate anchors compared to the value when the anchor was embedded in clay
alone. He concluded that the increased uplift capacity was composed of two parts due to
the overburden and friction respectively.
A total number of eight full scale pipe pullout tests through layered soils were
performed by the NTNU and SINTEF Civil and Environmental Engineering in
Spongdal, Norway with different pipe embedments, layering and backfill mass
(SINTEF, 2001). Four of these tests had soil composed of remoulded clay and sand fill
and the other four were composed of remoulded clay and crushed rock. Each case had a
pre-existing trench of depth 1.6 m, which was subsequently filled with different
thicknesses of clay and sand soils. The pipe diameter was 273 mm and the overburden
ratio was fixed for all of the tests (H/D = 4.4). The water table was located at the ground
surface in each test. The thickness of clay covering the pipe varied, with the trench
being backfilled to ground level with either sand or crushed rock. Figure 2-22 shows the
pullout test results in clay-sand.
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2.5

Summary

2.5.1 Summary of methods for determining uplift
Figure 2-23 shows a typical load-displacement relationship for homogeneous and
layered pullout tests. Available analytical solutions for uplift resistance in the literature
can only predict the peak load of homogeneous material; namely peak points (1) and (2)
shown in the graphs. Point (1) is the peak point of the homogeneous granular material,
which can be predicted using equation (2-23) or equation (2-25) or equation (2-27)
depending on the soil state and geometry. Note that currently there is no analytical
solution to predict any post-peak behaviour. For layered materials, peak point (2)
coincides with the peak for homogeneous clay material and can be predicted with the
Randolph and Houlsby (1984) closed form upper and lower bound plasticity solutions.
Currently there is no method to predict peak point (3) for layered material; particularly
for a thin overlaying layer since the full ‘granular’ response will be absent. However,
using the White et al. (2001), Schaminee et al. (1990) or modified Schaminee (Bolton et
al. 1997) models, an approximate uplift resistance can be made, which will be probably
be overestimated. Possible methods for improvement of these approaches will be
discussed in Chapter 3 and 4.
Four possible forms of failure for buried pipelines can be summarized: shallow failure
with and without breakaway and deep failure with and without breakaway. Current
analytical models can only predict the two extremes of shallow failure (with breakaway)
and deep failure (without breakaway). Hence the full range of failure mechanisms
(particularly those post-peak) and uplift load behaviour can currently only be
determined using numerical techniques, such as the finite element method. Some of
these approaches will be compared in this section.
A detailed comparison of a number of the described shallow and deep analytical
methods was conducted by Davie (1973). He found that for purely cohesive, undrained
conditions that many of the analytical models described in Section 2.2 reduce to a
relatively simple form. From the shallow theories, Mariupol’skii’s and Meyerhof and
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Adams’s theory (equations (2-15) and (2-17)) reduce to the same expression. Since the
dilative component of Matsuo’s theory (equation (2-16)) disappears when the problem
is undrained, the log spiral slip surface becomes circular and has similarities with the
theories of Vesic and Balla. However, unlike Vesic and Balla (equation

(2-18)),

Matsuo assumes that before reaching the ground surface, the circular slip surface
becomes a plane slip surface. Therefore the predicted uplift factors for the majority of
the shallow analyses described in Section 2.2 are similar. Comparison of the deep
theories of Vesic, Meyerhof and Adams and Mariupol’skii (equations (2-32), (2-31) and
(2-30)) are generally lower than the plasticity bounding solutions of Randolph and
Houlsby, and Rowe and Davis, but this is complicated, since they depend on the soil
rigidity and volume change during uplift.
A comparison of three of the undrained, shallow models [full slip model, Palmer et al.
(1990) and Cathie et al. (2005) (equations (2-13), (2-29) and (2-28))] and the weightless
curves finite element for the breakaway and no breakaway cases for pipes (after
Newson and Deljoui, 2006) showed that the two vertical slip surface models (equations
(2-13) and (2-28) produce a reasonable match with the numerical analyses for
immediate breakaway at shallow embedments.
The Palmer et al. (1990) model predicts uplift capacities that are much too high for
shallow embedments. For deep embedments (H/D > 5 to 6), the vertical slip models
even exceed the no breakaway curve and the equation of Randolph and Houlsby
(equation (2-33)) would be more appropriate if there is no soil detachment. If
detachment occurs, then the estimates of uplift capacity are grossly overestimated with
equations (2-13), (2-28) and (2-33). For intermediate and deep cases, the model of
Palmer et al. (1990) is over conservative, but does provide a better estimate of the
pullout loads. When the soil weight is considered in the model, the Palmer et al. (1990)
model is not changed by soil weight, therefore the estimates of pullout loads are now
conservative. The vertical slip models become less accurate than for the weightless
case, but are still reasonable for shallow embedments and again estimates based on a
bonded Randolph and Houlsby flow mechanism would overestimate the loads (in the
absence of suction forces).
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For undrained conditions the current state-of-the-art uses the anchor curves of Rowe
and Davis (1982) with modifications for overburden, suction/adhesion and tension
effects. This however means that there is no explicit pipeline analysis available, only a
modified anchor analysis. Since the ‘N’ factors are expected to be slightly different and
the effect of roughness is more significant for pipes, this is another short coming of
current approaches. Currently there is no analytical solution available for the
intermediate embedment cases [i.e. for embedments in the range (H/D) 2.5 to 5] and
these values need to be found from corresponding graphs, again with suitable correction
for embedment and suction effects. Rowe and Davis (1982) suggest that for these cases
the initial response may be fully bonded, with subsequent breakaway occurring some
time during the loading event. For drained conditions the Majer or modified Schaminee
models can be utilized (equations (2-24)). Further possible adjustments to the uplift
factors are discussed later in this thesis.

2.5.2 Key finding of review
The key findings from this review are that:
•

There has been a variety of analytical, numerical and experimental studies reported
in the literature, which have the aim of addressing the uplift resistance of buried
objects in soils and the majority of these relate to strip anchors rather than pipelines.

•

Predictions of uplift force from the methods can differ quite significantly, but those
currently used in industry (i.e. the vertical slip models and the Randolph/Houlsby
flow model) bound the possible embedments and breakaway conditions.

•

Uplift loads for buried objects increase with greater embedment up to limits that are
partly dependent on the detachment of the soil behind the object (i.e. the breakaway
or no breakaway conditions) during pullout.
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•

Failure mechanisms at low embedment ratios extend to the soil surface and are
limited to the soil directly above the object. This ‘shallow’ behaviour changes for
embedments greater than H/D = 2.5, where greater volumes of soil are deformed
beyond the width of the object increasing the pullout capacity of the object and this
is described as ‘intermediate’ behaviour.

•

The transition from shallow and intermediate failure (where the slip planes reach the
soil surface) to deep failure (where the soil deformation is localized and not affected
by the soil surface) for a weightless soil occurs between embedment ratios (H/D) of
4 to 5. No analytical model currently exists to predict the uplift factor for these
intermediate depths.

•

Buried objects will behave as progressively deeper in clays depending on the
magnitude of the normalised overburden (H/cu).

•

Inspection of the failure mechanisms for shallow and deep cases for both anchors
and pipes reveals very similar frictional and flow behaviour at different
embedments, hence very similar uplift factors are found for both objects.

•

Laboratory scale and field results suggest that the field pullout behaviour of anchors
and pipelines lies between the immediate breakaway and no breakaway cases.

•

The current ASCE pipeline design curves are based on the Rowe and Davis K4
failure criterion for strip anchors, which can be conservative at higher embedment
ratios.

•

Additional granular fill layers can increase the uplift resistance of weak clay layers,
although in certain cases due to the magnitude of the displacements involved for
mobilisation, its effect can be diminished.

•

Adhesion and suction forces will improve the pullout capacity of buried objects in
clays, but are difficult to quantify and may be unreliable for design purposes.
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•

The current homogeneous soil models described are sufficient to calculate the peak
pullout forces in some but not all cases. There is also no analysis for the post-peak
portions of the pullout behaviour or for the layered soil cases. Potential
consequences are overdesign or under design and significant extra cost for design
remediation with rock fill berms.
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Table 2-1. Values of Fc and Fq for different soil strengths and embedment ratios.
H/D or H/B
′(in degree)

1.0

1.5

2.5

5.0

Fc, Fq(anchor), Fq(pipe)

Fc, Fq(anchor), Fq(pipe)

Fc, Fq(anchor), Fq(pipe)

Fc, Fq(anchor), Fq(pipe)

0

1.61 / 0.61 / 1.00

2.42 / 0.74 / 1.00

4.04 / 0.84 / 1.00

8.07 / 0.92 / 1.00

10

1.68 / 0.77 / 1.16

2.52 / 0.99 / 1.25

4.22 / 1.26 / 1.42

8.43 / 1.75 / 1.83

20

1.67 / 0.94 / 1.33

2.52 / 1.23 / 1.49

4.19 / 1.67 / 1.83

8.37 / 2.57 / 2.65

30

1.58 / 1.08 / 1.47

2.37 / 1.45 / 1.71

3.99 / 2.03 / 2.19

7.89 / 3.30 / 3.38

40

1.40 / 1.19 / 1.58

2.11 / 1.61 / 1.87

3.51 / 2.30 / 2.46

7.02 / 3.83 / 3.91
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Figure 2-3. Problem definition and geometry for uplift of a trenched pipeline.
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3 PIPE PULLOUT FROM GRANULAR
MATERIALS
3.1 Introduction
3.1.1 Upheaval buckling and pipeline uplift
Small diameter pipelines are frequently used to transport oil and gas between offshore
production plants and the mainland, or between other offshore installations and
infrastructure, such as well-heads. These pipelines are buried for protection against
damage from marine vessel activities, such as drag anchors, fishing equipment and
icebergs. This ensures the safety of the pipelines and reduces environmental risks due to
pipeline damage. Another reason for burial of offshore pipelines is to reduce heat loss
along the pipeline by providing thermal insulation and thereby ensuring flow assurance.
Recently, pipelines have been more commonly laid at great water depths. Hence the
installation and possible maintenance costs of the pipelines can be very high, in terms of
the work required, equipment mobilisation times and costs, and reduced output. For that
reason, offshore pipeline construction needs to be quick and efficient, with the lowest
risk of failure for the duration of their life cycle (up to 25-30 years).
To ease the flow and maintain high viscosity of the flow in pipelines, the gas or oil must
be kept at high temperature (typically 160° C) and pressure (typically 70 MPa) (Cheuk
et al., 2008). These pipelines are initially laid in low stress or “free” conditions, at the
ambient temperature. Operational conditions (i.e. high pressure and temperature) will
therefore produce significant thermal expansion, which is restrained by friction between
the soil and pipeline, and any end connections so that compressive forces increase along
the pipe. The compressive forces may reach up to 1.5 MN (Cheuk et al., 2008) and can
lead to susceptibility for buckling, predominantly in the vertical direction, which is
termed upheaval buckling. When this occurs, the ability of the pipeline to resist further
axial loading is compromised and the pipeline may bulge through the soil cover or may
have excessive yielding of the material due to second order effects (Schaminee et al.,
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1990). Therefore upheaval buckling is considered to be a failure mode. This problem is
also known as overbend instability in the onshore oil and gas industry. The capability of
the soil above the pipeline to resist this uplift movement determines the probability of
upheaval occurrence. Hence, it is essential to choose an accurate predictive model for
economical and safe design.
Offshore, it is typical to create and consequently backfill trenches in granular soils by
either water jetting or ploughing. In water jetting, soil is fluidised by high pressure
water jets and the pipe sinks into a material in a “quick” state. Although, soil resedimentation will occur around the pipe, it can still leave the sand in a loose state
(Kvalstad, 1999). In ploughing, the pipe is placed into the ploughed trench and sand is
mechanically backfilled over the pipe. Although ploughing is generally preferred for
granular material, the availability of trenching equipment is also a consideration.
The drainage condition during upheaval buckling or uplift is a function of the rate of
uplift and permeability of the granular material. A conservative estimate is to assume
fully drained conditions. The response will generally be of a shallow nature, since the
mechanism will create a wedge that interacts with the surface, since only extremely
loose or deeply buried materials will generate a localised flow around mechanism.
A substantial amount of research has been performed to predict the pullout resistance of
buried objects in sand, but much of this previous research has focused on anchor
behaviour (e.g. Major, 1955; Balla. 1961; Matsuo, 1967; Meyerhof and Adams, 1968;
Rowe & Davis, 1982; Vermeer & Sutjiadi, 1985; Koutsabeloulis and Griffiths, 1989;
Kumar, 1999; Merifield et al., 2006). However, it has been found that there are
similarities between pullout failure mechanisms for pipelines and buried plate anchors
(White et al., 2008).
Recent interest from industry (e.g. Cathie et al., 1996; Finch, 1999) has driven dedicated
studies of drained uplift behaviour of buried pipelines to address the absence of data and
understanding (e.g. Selvadurai, 1989; Schaminee et al., 1990; Dickin, 1994; Moradi,
1998; Bolton and Barefoot, 1997; Bransby et al., 2001; Bransby et al., 2002; Guo,
2005). Overall discussions of the problems related to upheaval buckling have also been
reported by Finch (1999), Palmer et al. (1990) and Cathie et al. (2005), and a number of
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case studies specifying upheaval problems that have occurred in practice have been
reported by Cathie et al. (1996) and Nielsen & Lyngberg (1990). These studies have
identified various failure mechanisms for the soil-pipeline system during vertical uplift
through the trench backfill. Upheaval buckling is a 3D problem (Schupp et al., 2006)
but 2D plane strain approaches have become a main focus of research, since equivalent
“p-y” models can be applied to pipelines (Trautmann et al., 1985) and hence only the
2D limit load is required. Thus models are mainly plane strain (2D) in nature and they
assume soil deformation and failure surfaces that extend to the seabed surface or are
fully contained within the backfill material.

3.1.2 Research objectives
Despite the aforementioned body of research existing in the literature, uncertainties still
exists as to the appropriate design parameters and failure mechanisms involved for
different cases. This chapter presents a study that examines the resistance of
homogeneous granular soils against upheaval buckling of buried pipelines. Plane strain

scaled physical model tests have been used to investigate the pullout behaviour of
buried pipelines. The engineering properties of the soils and the preparation method for
the laboratory tests along with the methodology for the scaled physical model tests are
presented. This work has been conducted to assess the current state-of-the-art, to
provide guidance for the design of buried pipelines for homogeneous backfill soils, to
clarify some of the aspects of uncertainty in this topic and provide benchmark behaviour
for the layered soils in the next chapter.

3.2 Material Properties
The scaled physical model tests have been conducted using frictional materials, namely:
sands and gravel. The basic geotechnical properties of these materials are given below
in more detail.
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3.2.1 Sand
Two Ottawa silica sands with different grain size distributions were utilized: Barco-71
and Barco-32, for fine and coarse sand respectively. Barco Silica sand has been used in
earlier studies and its mechanical behaviour is well characterized (e.g. Khan et al.,
2006). The sand has a sub-rounded shape. The particle size distribution of the sands has
been performed in accordance with ASTM D6913 and the results are presented in
Figure 3-1. The curves show that the particle diameters for 50% passing (d50) in the
grain size distribution curve of Barco-71 and Barco-32 are 0.18 mm and 0.51 mm
respectively. The coefficients of uniformity were found to be 1.8 for fine sand (Barco71) and 1.5 for coarse sand (Barco-32) and the specific gravity (Gs) was found to be
2.65 for both types of sand.
The critical state friction angle (′crit), peak friction angle (′peak), dilation angle () and
shear strength of loose and dense sand packing for the fine and coarse fractions were
measured with the direct shear box apparatus. The maximum and minimum void ratios
of the fine sand were found to be (emax=0.86 and emin=0.52) in accordance with ASTM
D4253 and ASTM D4254 and maximum and minimum void ratio of the coarse sand
were measured to be (emax=0.87 and emin=0.53) respectively. Due to the low stress
ranges in the model tests, peak nonlinear failure envelopes for the direct shear tests for
relative densities Id (0.4-0.7) for the two sands were determined and are shown in Figure
3-2 and Figure 3-3.
Bolton (1986) showed a unique set of correlations between, maximum (peak) dilation
angle (max), peak friction angles (′peak), critical state friction angle (′crit) and relative
dilatancy index (IR) as ′peak-′crit= 0.8 max=5 IR°. The dilatancy index is defined by
IR=ID (10-ln p′)-1 where, ID is the relative density and p′ is the mean effective stress.
The range of IR values was between 2.23 and 4.68 in the dense fine and coarse sand in
direct shear box test and was expected to range between zero and 6.67 for pipe pullout
tests in loose and dense sand. It should be noted that the Bolton’s model is typically
applicable up to IR=4.0. The peak dilation angles of the fine and coarse sand from the
shear box vertical / horizontal displacement graphs and the relationship of Bolton
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(1986) for granular material are shown in Figure 3-4. The peak friction angles, ′peak, of
fine and coarse sand in the dense state were calculated with the Bolton (1986)
relationship and critical state friction angle. The variation of peak friction angle with
normal pressure is shown in Figure 3-5. The dilation angles of the fine sand based on
the Bolton (1986) method, at a low stress level of 4 kPa is about 25 degrees, which
reduces at higher stress levels to about 19 degrees at a normal pressure of 25 kPa and
reaches its minimum value of 14 degrees at 100 kPa. The dilation angle of coarse sand
based on the Bolton (1986) method, starts at about 25 degrees at a normal pressure of 4
kPa and reaches 22 degrees at a stress level of 25 kPa and the minimum value of 16
degrees at 100 kPa normal pressures.
Based on shear box method model (dy/dx), the dilation angles of fine and coarse sand
are very close to each other and lower than those of the Bolton (1986) model. This starts
at 18 degrees for a stress level of 4 kPa and reduces to 8 degrees for a higher stress level
of 100 kPa. The fine sand has a lower dilation angle at stress levels of 25 kPa. The peak
friction angle starts at 50 degrees at low stress levels of 4 kPa and reduces to 41 degrees
at 100 kPa for fine sand and starts at 50 degrees at 4 kPa normal pressure and reduces to
43 degrees at 100 kPa for coarse sand. Based on shear box method model (dy/dx), the
peak friction angles of fine and coarse sand are very close to each other and lower than
those of the Bolton (1986) model. This starts at 48 degrees at low stress levels of 4 kPa
and reduces to 38 degrees at 100 kPa. The fine sand has a lower peak friction angle at
stress levels of 25 kPa.

3.2.2 Gravel
The rounded gravel ranges in size from 4.76 mm to 12.5 mm and its grain size
distribution curve is also shown in Figure 3-1. The d50 of the gravel is 8 mm and the
coefficient of uniformity was found to be 1.6. The maximum and minimum void ratios
of the gravel were found to be emax=0.95 and emin=0.75 corresponding to min=1505
kg/m3 and max=1730 kg/m3. Some difficulty was experienced estimating the friction
angle for the gravel using the direct shear box, due to the large particle size. Hence the
angle was determined from a combination of shear box data and an infinite slope tray.
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The critical state friction angle, ′crit, was estimated to be 36 degrees and the peak
dilation angle was estimated based on upper limit recommended by Bolton (1986) to be
25 degrees. Note that this will result in a peak friction angle of approximately ′peak≈61°
for the gravel, which may be too high in comparison with typical peak friction angle
values for rockfill at high stresses. The range of IR was expected to range between 3.75
and 4.74 for the pipe pullout tests in gravel.

3.3 Pipe Pullout Apparatus
Plane strain (2D) pullout tests were carried out with a nominal range between 1/5th and
1/15th full scale prototype, where a buried steel pipe was pulled out of the soil backfill.
Displacement controlled loading was implemented where the pipe was displaced
continuously at a rate of 0.28 mm/s and resistance forces applied on the pipe by the soil
were measured with a load cell installed on the actuator. The main function of the
apparatus was to determine the load-displacement relationships of the pipe pullout.
Figure 3-6 shows an elevation schematic view of the apparatus with its major parts,
which shows its principal dimensions. The soil was placed in a box, with base
dimensions of 527 mm and 400 mm square. The box was made of metal sheets beneath
and on the two sides, with two thick Plexiglass sheets on the front and back faces of the
box for visual observation. A 33 mm diameter pipe was installed in the sample box and
it was supported by the hanger and a beam to the actuator. The dimensions of the box
were selected to minimize boundary problems for this size of pipe. The 400 mm long
steel pipe was pulled out of the soil with an inverted non-rotating actuator, which
connected from the top of the pipe to a rigid hanger arrangement to ensure that the pipe
moved vertically and monolithically. In order to resist lateral and differential
movement, the hanger system was designed to be rigid and allowed only vertical
movement of the pipe. The actuator, gearbox and motor control equipment were
mounted on top of the box supported by two rigid steel channel sections to avoid extra
deflections. “S” beam type load cells, SBO-2K with capacity range of 8896 N (2000 lb)
for larger load and SBO-200 with capacity range of 890 N (200 lb) for smaller load
were utilized. The load cells were calibrated in tension and compression. A
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displacement transducer with a maximum 150 mm displacement range and a
potentiometer with a 300 mm displacement range were mounted on top of the rigid
hanger. The output from the load cells and displacement transducers were logged using
a computer based data logger.

3.4 Sample Preparation Method
3.4.1 Sand and gravel
Fine and coarse soil beds were prepared from Barco 32 and Barco 71 sand. Dry sand
was air pluviated to a depth of 50 mm in the base of the box and the pipe was positioned
on top of it. The pipe was located with its ends just free from a plastic sheet interface
back and front sides of the box to reduce the friction between the end caps of the pipe
and plexiglass. More sand was then pluviated until the final height achieved the
required pipe embedment. After the sand was placed on top of the pipe, the pipe was
released by loosening the connection to the rigid beam and the pipe permitted to settle
before starting of the pullout test. This procedure was performed to accurately measure
the mobilisation distance to peak uplift resistance. Sand was placed in two states: loose
and dense (relative densities ranged from about 10% to about 95%). Sand was poured
by a small bucket from one meter distance into the chamber for creating loose sand
samples. Dense sand samples were poured in the same way, but in layers of 100 mm
and densified with a vibrator from outside and inside. Gravel was placed into the test
box in a similar manner by air pluviating from approximately one meter distance. It was
not compacted or vibrated. The in situ dry densities of the coarse and fine sand created
during the pullout test program were found by placing small aluminum density molds in
various locations of the sand mass (in at least four points of the test box) during the test
set up and the average densities was reported to within ± 2%. The molds had a diameter
of 20 mm and height of 30 mm, resulting in a volume of 9420 mm3. Further surface
loads could also be applied to the top of the soil beds using a pressurized flexible rubber
interface bag.
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3.5 Pullout Test Program
3.5.1 Sand
A range of laboratory pullout tests were conducted on the buried pipelines in fine and
coarse sand. All tests were conducted under natural gravity conditions (1g) using the
scaled model pipeline of 33 mm diameter. The uplift pullout tests reported in this
section were carried out on both loose and dense sand (relative densities ranged from
about 10% to about 95%), and to investigate the effect of overburden, another set of
tests were conducted with various overburden pressure (v) ranges from 5.6 kPa to 10.4
kPa applied to the surface of the sand. Embedment ratio has been defined as the ratio of
the depth of embedment to the diameter of the pipe H/D, where H is the instantaneous
embedment depth measured to the crown of the pipe, D is the pipe diameter (Figure
3-7). For the tests with applied overburden pressure, the ′effective′ embedment depth
will be increased by the ratio of overburden pressure to the unit weight of the sand (v
/). These ′effective′ values are shown in Table 3-1, Table 3-2, Table 3-3, Table 3-4 and
Table 3-5 in separate columns. However to make reading and interpretation of the
graphs easier, all the embedment ratios in this thesis are shown as ′h′ or ′H′ but are
effective embedments in the cases where overburden pressure was used (e.g. Heq/D).
The series of pullout tests in homogeneous sand is summarized in Table 3-1, which
describes embedments, bulk density, overburden pressure and relative density for each
test. A typical final sample state prior to pullout is shown in Figure 3-8.

3.5.2 Gravel
A total of four pullout tests were performed in homogeneous gravel at a deep
embedment of H/D=5.4. Pipe pullout tests were conducted under no overburden
pressure, 3.5 kPa, 5.6 kPa and 10.4 kPa to study the effect of the applied overburden
pressure. Similar to the tests in sand, for the tests with applied overburden pressure, the
′effective′ embedment depth will be increased by the ratio of overburden pressure to the
unit weight of the gravel (v /). These effective values are shown in Table 3-1, Table
3-2, Table 3-3, Table 3-4 and Table 3-5 in a separate column. Again, all of the effective
embedment ratios in this thesis are shown as ′h′ or ′H′. Table 3-2 summarizes the series
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of pullout tests done in homogeneous gravel and shows the embedments and bulk
densities. A typical test is shown in Figure 3-9.

3.6 Experimental Test Results

3.6.1 Introduction
Quantification of the uplift behaviour of buried offshore pipelines with physical model
tests is addressed here. Model tests were conducted using sand and gravel. The
resistance forces for vertical pipe pullout and the mobilisation distance for peak
resistance for varying model geometries and soil properties were investigated. The
effect of overburden was investigated and soil deformation observed with Particle
Image Velocimetry (PIV) for various embedments and overburdens and the results were
compared with existing mechanism and displacement field studies. The laboratory
pullout test results were compared with the existing numerical and analytical studies,
and the results discussed.
For ease of denoting of the tests in the text, a nomenclature has been defined. For tests
in loose sand, letter ‘L’ and dense sand, letter ‘D’ added to the test name. Letters ‘FS’
abbreviate fine sand, ‘CS’ abbreviates coarse sand and ‘G’ abbreviates gravel. The
cover ratio from crown of the pipe to the soil surface (H/D) is added after, where a two
digit of ‘54’ shows embedment ratio of H/D=5.4 and ‘2’ shows embedment ratio of
‘H/D=2’. Letters ‘OB’ abbreviated ‘overburden pressure’ followed by two numbers (or
zero) to indicate amount of overburden where zero shows no overburden applied on the
soil surface, ‘56’ indicate an overburden of 5.6 kPa and ‘10’ indicates overburden of
10.4 kPa. Therefore a test indicated by ‘FS54OB10’ represents a pipe pullout test in fine
sand where the embedment ratio is (H/D= 5.4) and an overburden pressure of 10.4 kPa
where applied on the soil surface and ‘DFS6OB0’ is abbreviating pipe pullout test in
dense fine sand where the embedment ratio is (H/D=6) and no overburden applied on
top of the soil.
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3.6.2 Pullout test results for sand
The load-displacement response of the pipe pullout tests in homogenous fine and coarse
sand under a range of overburden pressures is presented in this section. The effect of
overburden is also investigated for both fine and coarse sand. The uplift resistant of
pipeline in the homogenous sand is assumed to give drained behaviour since the sand is
dry. Figure 3-10 shows the variation of uplift resistance with pipe displacement for tests
in homogenous fine sand without overburden pressure and the peak uplift resistance
values are shown in Table 3-3. The tests in dense sand showed a sharp increase in uplift
resistance in the first 0.2 mm and mobilised a peak at 0.5 mm displacement for shallow
embedment and the peak uplift distance mobilised at 0.2 mm for deep embedment. The
maximum pullout resistance in dense fine sand reached values of 311 N and 66 N at
embedment ratios of h/D= (H+D/2)/D=6.5 and h/D=2.5 respectively. The tests in loose
sand demonstrated an increase in uplift resistance in the first 0.5 mm and mobilised a
peak at 1-3 mm. The peak uplift resistance in these tests corresponds to 156 N and 35 N
for deep (h/D=6.5) and shallow (h/D=2.5) embedment correspondingly.
The normalised force (by Hconst.D) against normalised displacement (by diameter of
pipe) graph of these tests is shown in Figure 3-11, where the cover is defined as the
distance from soil surface to the initial pipe crown location. Figure 3-12 shows a
normalised displacement against normalised force, where the cover is defined as
instantaneous soil cover from soil surface to the pipe crown. It shows peak values of 2.6
and 3.9 in LFS2OB0 and LFS6OB0 and their normalised mobilisation displacement are
0.02 and 0.13 respectively. The normalised forces reach peak values of 4.9 and 7.3 in
DFS2OB0 and DFS6OB0 at normalised mobilisation displacements of 0.01 and 0.002
correspondingly. The instantaneous normalised forces graphs show a very sharp
increase when the soil cover reduces and the pipe reaches the soil surface.
The data from the pipeline pullout tests in homogenous fine sand under an applied
overburden pressure is plotted in Figure 3-13 as load against displacement. In the deep
fine sand tests, peak resistances of 618 N and 965 N were recorded under overburden
pressures of 5.6 kPa and 10.4 kPa respectively. The maximum pullout resistance in the
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fine sand under overburden pressures of 5.6 kPa and 10.4 kPa is mobilised at 3.7 mm
and 4.7 mm correspondingly. The peak pullout load in deep coarse sand under an
overburden pressure of 10.4 kPa mobilised at 5.5 mm displacement and reached to a
value of 1001 N. The corresponding normalised force and displacement graphs are
shown in Figure 3-14 and Figure 3-15. Where the cover is defined as the distance from
soil surface to the initial pipe crown location in Figure 3-14 and it shows peak values of
25 and 16 in FS54O10 and FS54O56 and their normalised mobilisation displacement
are 0.15 and 0.08 respectively. The cover is defined as instantaneous soil cover from
soil surface to the pipe crown in Figure 3-15. It shows peak values of 26 and 21 in
FS54O10 and FS54O56 and their normalised mobilisation displacement are 0.3 and 2.6
respectively.
Generally in this test series, apparent softening post-peak behaviour was observed in all
of the dense sand pullout tests and tests under overburden pressures, as the pipe
approaches the soil surface and the soil cover reduces. The reduced post-peak resistance
value was higher in dense fine sand, which is similar to the observations of Cheuk et al.
(2008). In these soils, the uplift resistance dropped by 60%, to a residual resistance and
then reduced further with pipe upward displacement similar to the observations of
Bransby and Newson (2001). The relationship between peak uplift resistance and
particle size is not clear from these tests. Post-peak oscillations of uplift load (due to
successive creation /destruction of shear bands ahead of the pipe) were observed similar
to the Cheuk et al. (2008) and Trautmann et al. (1985) studies.

3.6.3 Pullout test results for gravel
Figure 3-16 shows the load-displacement response of the pipe pullout test in
homogenous gravel for deep embedment h/D=5.9 under a range of overburden
pressures from zero up to 10.4 kPa. The uplift resistant of pipeline in homogenous dry
gravel is also assumed to be a drained response and peak values and corresponding
displacements are shown in Table 3-3. The pullout test in gravel with no applied
overburden pressure showed an increase in uplift force in the first 1 mm and the
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maximum pullout resistance mobilised a peak at 5 mm displacement and reached a
value of 262 N. The test in gravel under an overburden pressure of 5.6 kPa
demonstrated a raise in uplift resistance in the first 2 mm and the peak pullout resistance
in this test corresponds to 1214 N and was mobilised at 10 mm displacement. The data
from the pipeline pullout tests in homogenous gravel under an applied overburden
pressure of 3.5 kPa reached a peak resistance of 520 N at 5.4 mm displacement. The
pullout test under an overburden pressure of 10.4 kPa mobilised a peak at 12 mm
displacement and reached a value of 1588 N. The corresponding normalised force and
displacement graphs are shown in Figure 3-17 and Figure 3-18. Where the cover is
defined as the distance from soil surface to the initial pipe crown location in Figure 3-17
and it shows peak values of 44, 33 and 7 in G54OB10, G54OB56 and G54OB0 and
their normalised mobilisation displacement are 0.34, 0.25 and 0.16 respectively. The
cover is defined as instantaneous soil cover from soil surface to the pipe crown in
Figure 3-18. It shows peak values of 48, 34 and 7 in G54OB10, G54OB56 and G54OB0
and their normalised mobilisation displacement are 0.41, 0.3 and 0.1 respectively.
Similar to the pullout tests in sand, a post-peak softening behaviour was observed in the
pullout tests under overburden pressure as the pipe approaches the soil surface and the
soil cover reduces. The reduced resistance value was higher for greater applied
overburden pressures. In these soils, the uplift resistance dropped by up to 70% to a
residual resistance and then reduced further with pipe upward displacement. The pullout
resistance in gravel reached its peak at larger displacements compared to pullout tests in
sand under the same overburden pressure and embedment depth, and the peak load was
higher.
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3.7 Interpretation of Results
3.7.1 Methods for calculating uplift force
3.7.1.1 Schaminee et al. (1990)

Schaminee et al. (1990) presented a simplified version of the vertical slip surface model
(Majer, 1955) and used this to interpret the results of a series of large scale laboratory
pipe uplift tests. The model has the advantage of simplicity and employs the mechanism
shown in Figure 3-19 (BDCF). This is the same mechanism as in vertical slip model,
except that the slip plane is truncated at the level of the crown of the pipe (CF) and soil
below this level is ignored. When the soil is drained with an angle of friction, ′, the
uplift resistance is equal to the weight of the soil moved vertically above the pipeline
and the friction mobilised in the soil using the mechanism shown in Figure 3-19. The
weight of the rectangle of soil above the pipe (of area H×D) is therefore ′.H.D and the
shear stress developed on each of the two slip planes of length H is given by
′h.tan′=K.′.(H2/2).tan′. The uplift load, Wu, can then be expressed as:
Wu
H 
 1  K tan  '  
 HD
D

(3-1)

Schaminee et al. (1990) then re-expressed the above equation more generally as:

Wu
H
 1 fd  
 HD
D

(3-2)

where fd is the drained uplift resistance coefficient (and so fd=K.tan′). This equation
and the uplift factor, fd has become used extensively for design, since K and ′ are not
easily determined for trench backfills. Schaminee et al. (1990) recommended lower
bound values of fd = 0.15 for very loose sand, fd = 0.4 for loose sand and fd = 0.6 for

89
gravel and rock fill. It was also noted that the available data were limited to H/D ratios
between 2 and 7 for gravel/ rock and less than 4 for the loose sand state (Schaminee et
al. [1990]).

3.7.1.2 Modified Schaminee model

The Schaminee model (being a simplified version of the vertical slip mechanism) has
become a favored design method due to its simplicity. However, ignoring the soil below
the level of the crown of the pipeline reduces the accuracy of the design method and
requires separate uplift factors to be used for different embedment ratios. Indeed, as the
cover depth of the pipeline is reduced, the calculated forces given by the Schaminee
method become too small if there is no change in fd with H/D. For example, as the
pipeline crown reaches the soil surface, the effective cover height, H=0 (although
h=D/2) suggesting that Wu=0. However, because the ‘shoulders’ of pipe remain beneath
the soil surface there will still be a soil resistance on the pipeline due to this soil. This
resistance is not included in the traditional Schaminee model because the soil block
goes down only until the crown of the pipe. Bolton and Barefoot (1997) wanted to
address this problem by adopting the full mechanism after Majer (1955). They rewrote
equation (3-1) using a modified uplift factor, which did not change with H/D and they
suggested a new equation:

Wu
D
D 
 H 
 1  0.1  f modified  1 

H
 HD
 D  2 H 

2

(3-3)

where fmodified is a new uplift factor. Equation (3-3) was used to analyze their centrifuge
model test results to produce a value of fmodified. This could be used to calculate a value
of fd for the standard Schaminee [equation (3-4)] using the following equation:
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f d  f modified 1 

 2H 

2

(3-4)

3.7.1.3 White et al. (2001)

White et al. (2001) proposed an inclined failure surface for frictional soil based on the
limit equilibrium solution. Observations made in model tests suggested that the angle
between the slip surface and a vertical plane is equal to the dilation angle of the soil.
The suggested failure mechanism is shown in Figure 3-20. The normal stress on the slip
surface was assumed to be constant. This assumption reduces the discrepancy between
the assumed vertical stress at the end of the shear planes near the pipe crown, and the
vertical stress created by the uplift force. The peak uplift load, Wu is expressed by:

  tan )(1  K 0 )  (1  K 0 ) cos 2  / 2
Wu   ' hD   ' h 2 tan   ' h 2 (tan max
(3-5)
where K0 is the earth pressure coefficient at rest of the soil, ′max is the peak friction
angle of the soil and  is the dilation angle and can be assessed from relative density of
the sand, the stress level, relative density and particle characteristics (Bolton, 1986). In
this equation, h= H+D/2. A further uplift resistance factor (f2) is defined in equation
(3-6).

f 2  tan  (tan max  tan )(1  K 0 )  (1  K 0 ) cos 2 / 2

(3-6)

therefore:

Wu
h
 1  f2 ( )
 ' hD
D

(3-7)
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White et al. (2001) found values of max between 1.2o to 25.6o for the sand they tested
and recommended values of f2 between 0.41 to 0.97 with Ko values of 0.47.

3.7.1.4 DNV-RP-F110 (2007)

The certification organisation Det Norske Veritas issued a recommended practice
document [DNV-RP-F110, 2007] for Global Buckling of Submarine Pipelines. The
uplift resistance for shallow, immediate breakaway conditions in drained conditions is
described by equation (3-8):

Wu
D 
1   D
 H 
 1      K tan  '  1 

 HD
2 8 H
 D  2 H 

2

(3-8)

where K is the lateral earth pressure coefficient, ′ is the effective angle of internal
friction of the soil and (1/2-/8) ≈ 0.107. This is essentially the same equation as the
modified Schaminee [equation (3-3)]. Hence equation (3-8) can be re-written as:
Wu
D
D 
 H 
 1  0.107  f p  1 

 HD
H
 D  2 H 

2

(3-9)

Where fp=fmodified and the recommended values of fp in DNV-RP-F110 (2007) are
between 0.29 and 0.62 for loose to dense sands.
3.7.1.5 Bransby et al. (2009)

Bransby et al. (2009) used an approximate formula for calculating pipeline upheaval
resistance in loose sand.
Wu
D 

 10.51 
 tan  
 HD
 2H 

(3-10)
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This formula is based on the Randolph and Houlsby (1984) mechanism for clay soil and
can be used to calculate the uplift force in pipe pullout tests in loose sand. The critical
state friction angle (′) is suggested by Bransby et al. (2009) which reflects the loose
state of the sand during flow around. Note that this model was suggested for an
undrained case of extremely fast uplift in the sand material.

3.7.1.6 Comparison of standard methods

Comparison of the predicted (Wpr) and measured (Wm) peak uplift resistances of the
pipelines tested in this study (with the aforementioned design methods) is presented in
Figure 3-21. For each of the Schaminee, modified Schaminee and White models, the
industry recommended values of fd, fp and f2 were used. Note the calculations have been
based on the effective embedment ratio as previously described. As shown, the best
agreement between the predicted and measured uplift resistances is often found using
the White et al. (2001) method. The maximum uncertainties for the performed tests
have been calculated using the partial derivative method (Bevington et al., 1992), which
is shown in more detail in Appendix E. These errors are of the order of 0.5 (N/m) for
the measured uplift resistances (Wm) and for the predicted uplift resistances based on
the Schaminee, modified Schaminee and White equations are of the order of 21 (N/m),
43.1 (N/m) and 21 (N/m) respectively.
For shallow embedments with no overburden pressure all three models predict the loads
accurately. In very loose fine sand, the White and modified Schaminee models appear to
over-predict the uplift resistance, which is an indication of mechanism differences
occurring at the peak load. Pullout tests in deep sand with overburden show an
agreement with the White model. Pullout tests in gravel with high overburden pressure
are under predicted by all three models, but the White model prediction is closer to the
measured value. The Schaminee model always gives the lowest predicted load and the
White model always gives the highest predicted load.
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This exercise demonstrates the importance of estimating the uplift factors (f) correctly
for calculating the uplift resistance for design. It also suggests that the three failure
mechanisms may not be wholly appropriate for all cases (i.e. for all embedment,
pressure, material and relative density situations).

3.7.2 Calculating uplift factors and representative values of soil
parameters with back calculation:
To gain more insight into the predictive models and the uplift behaviour, the measured
uplift forces and geometry of these pipe pullout tests (H and D) and unit weight of soil
() was used to derive the following parameters using back analysis:
a) The Schaminee, modified Schaminee (or DNV) and White uplift factors (fd, fp
and f2) were calculated using the measured uplift force (Wu) using equations
(3-2), (3-3) and (3-7)
b) The mobilised peak friction angle (′peak) was calculated from the DNV (2007)
lower bound uplift factor, ′peak =(fp-0.1)*′cr +′cr This empirical equation
was used since it has only one unknown for finding mobilised peak friction
angle.
c) The coefficient of lateral pressure (K) was calculated from the DNV method,
K=fp/tan(′).
d) The mobilised dilation angle (max) was found from the Bolton (1986) method,
max=1.25*(′peak- ′cr), where ′peak is calculated from step (b) above.
The purpose of this approach is to find the appropriate uplift factors (fd, fp and f2) that
result in the correctly calculated uplift force and representative values of the material
parameters (′peak, K and ). Since this method is a back calculation of the actual forces
at each state of stress level, representative values of the material parameters are
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measured under actual stress levels and are comparable with the philosophy of Bolton
(1986) method. The results of these analyses are shown in Table 3-4.
The back calculated Schaminee uplift factors (fd) range between (0.7 to 0.9) for most of
the tests in sand, which is higher than the Schaminee’s recommended value of 0.4 for
sand and suggests that the industry standard method may under-predict the peak uplift
resistance by up to a factor of 2. This confirms the previous observations by White et
al. (2001).
The back calculated DNV uplift factor (fp) ranges between (0.6 to 0.9) for most of the
tests in sand, which is higher than the DNV’s recommended range of (0.3 to 0.6) for
sand. This also suggests that the industry standard method may under-predict the peak
uplift resistance.
The back calculated White uplift factor (f2) range between (0.41 to 1.13) for most of the
tests in sand, which has a good agreement with White’s recommended range of (0.41 to
0.97) for sand.
Table 3-4 also shows very high friction angles for the gravel pullout tests. Although part
of this can be attributed to particle interlocking (which is high under lower stresses),
these high friction angles may not be physically possible.
For tests DFS2OB0 and DFS6OB0, very high peak friction angles are shown in Table
3-4, compared to the peak friction angles calculated from the Bolton (1986) method and
the shear box tests results. As the peak friction angles are calculated from fp, this seems
to confirm the approach taken by DNV (2007) to limit fp to 0.6, when ′peak increases
beyond 45 degrees. Similarly, the K values in some of the tests appear to be higher than
(1-sin ′), which suggests that the mechanism is incorrect or that the material ahead of
the uplifting pipe is 'feeling' the presence of the pipe and this is modifying the stress
field and increasing the value of K.
The uplift factor has been previously shown to be a function of peak friction angle (′),
peak dilation angle () and coefficient of lateral earth pressure (K) (White et al., 2001).
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The lateral earth pressure coefficient is used to calculate the effective stress conditions
on the slip planes assuming that h′ =K v′, where v′ is the initial vertical effective
stress (v′ = ′z). This is then used to calculate the shear stress mobilised on the slip
planes, =h′ tan ′. It is clear that as the pipe displaces upwards, the soil conditions
around the slip plane will change due to both the upwards pipe load and due to shear
deformation of the soil. K is therefore very difficult to estimate. Due to the difficulty in
selecting K theoretically, values of K have been recommended empirically by different
researchers for various soil conditions. The importance of selecting appropriately low
stress peak friction and dilation angles is also apparent and these should be established
at the relevant levels based on the Bolton (1986) method. Because of the uncertainties
of the resulting material states associated with trenching of granular material, it has
been previously recommended to use in-situ testing for calculating the relative density,
stress and friction angle (White et al., 2008). However with more research into offshore
conditions post-trenching, laboratory tests would be sufficient to identify most of these
parameters.

3.7.3 Further discussion
Inspection of the current analytical approaches and the industry recommendations
suggests that a rational method of determining the uplift factors (f) does not yet exist. In
an attempt to provide the basis for such a method, a dimensional analysis has been
performed to ascertain whether a relationship between uplift factor and other
dimensional groups exist. The most common method for determining these dimensional
groups is the Buckingham  theorem. However, this theorem provides a necessary, but
not sufficient condition for a solution. Therefore dimensional analysis based on the
Buckingham  theorem can sometimes fail (Butterfield, 2001). Necessary and sufficient
conditions were presented by Butterfield (2001) to arrive at an optimal number of
dimensional groups. A more detailed explanation of the Butterfield (2001) method is
shown in Appendix C.
The parameters assumed to influence the pipe uplift capacity are the net ultimate uplift
capacity per unit length of a 2D pipe (Wu), embedment depth (H), diameter of the pipe
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(D), embedment ratio (H/D), the product of embedment and the diameter of pipe (HD),
effective unit weight of the soil (′), tangent of effective peak angle of internal friction
(tan ′pk), relative density ( ID), dilatancy index (IR) and the product (H/D. tan ′pk). A
range of dimensionless groups from the successful and optimized analyses (shown in
Appendix C) can be assembled as: (Wu/(′ H2)), (Wu/(′ D2)), (Wu/(′ HD)), (H/D),
(K), (ID), (IR), (tan ′pk) and (H/D. tan ′pk).
To further investigate the possible relationships between these parameters and to
provide more statistical significance, the data from this study has been added to that
found in the literature (Cheuk et al. (2008), Palmer et al. (2003), White et al. (2001),
Rowe and Davis (1982), Bransby et al. (2002), Dickin (1994), Trautmann et al. (1985),
Ng and Springman (1994) and Schaminee et al. (1990)). Note in the following
discussion, where overburden has been applied in the tests conducted herein, the
effective embedment ratio has been used.
The variation of normalised uplift force (N=Wu/(HD)) versus embedment ratio (H/D)
is shown in Figure 3-22 for this overall dataset. A weak correlation between normalised
uplift force and embedment ratio for the loose and dense sand (grouped together for
analysis) seems to exist. The R2 is the coefficient of determination and calculated based
on the least squares method. The data set also shows higher normalised uplift
resistances for gravel at approximately the same pressure and densities. The maximum
uncertainties for the tests performed herein have been calculated with the partial
derivative method (Appendix E). These errors are in the order of 0.13 for N and 0.05
for H/D. Similar plots of N against some of the other dimensional groups is shown in
Appendix D (Figure D- 2 to Figure D- 5). These show varying degrees of correlation,
with the best occurring between N and H/D.tan ′peak.
A similar approach with plotting Wu/H2 against the same dimensional groups provided
very poor correlations and will not be discussed further. However, plotting Wu/D2
provides improvements in the obtained correlations. These are shown in Figure 3-23 to
Figure 3-27 respectively. The maximum uncertainties for the tests performed herein
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have been calculated with the partial derivative method (Appendix E). The error is of
the order of 5.11 for Wu/D2.
Assuming that the uplift capacity is related to the self weight of the uplifting soil prism
(above the pipeline) and the mobilised friction along the shear planes, we may comment
on the efficacy of each pair of dimensional groups.
Figure 3-23 shows the relationship between Wu/(D2) and peak friction angle (tan
’peak). Although it shows the importance of the friction angle, it ignores the effect of
mobilised shear stress and the graph shows relatively low correlation.
Figure 3-24 shows the relationship between Wu/(D2) and relative density (ID).
Although mobilised friction angle is related to relative density (ID) and its effect is
included herein, no effect of stress level is considered in the relationship. This graph
also shows relatively low correlation.
Figure 3-25 shows the relationship between Wu/(D2) and dilatancy index (IR).
Dilatancy index shows both the effects of relative density (ID) and pressure dependency
on both dilation angle and friction angles. Therefore a better correlation is shown in this
graph, compared to the previous ones but is still not at a satisfactory level.
Figure 3-26 shows the relationship between Wu/(D2) and embedment ratio (H/D).
Since the effect of stress level on uplift is reflected here, the correlation is much
improved.
Figure 3-27 shows the relationship between Wu/(D2) and H/D.tan ′peak. Although the
combined effect of stress and mobilised friction angle is present, the correlation is not
improved (compared to Figure 3-28) but it still shows a good correlation. It should be
noted that the gravel data also seems to fit with this relationship.
The strong correlation found in Figure 3-26 suggests that this relationship may be used
as a design tool to predict more accurate values of uplift factors, and this idea will be
explored further below.
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Figure 3-28 and Figure 3-29 show non-linear power law fits for the same data as shown
in Figure 3-26, for the combined loose and dense data set and the gravel data set, for
H/D and h/D respectively. These relationships are seen to improve the correlations with
the data and this suggests that although the peak friction angle will reduce with depth
suppression of the dilation angle (as H/D increases), the increase in the stress is
sufficient to increase the capacity more quickly with depth. This was also observed by
White et al. (2008).
The Schaminee uplift factor (fd) can be estimated by equating the uplift factor from
equation (3-2) with the uplift factor from the power law, N* (=Wu/′D2) = (H/D)n
from Figure 3-28, which results in the equation (3-11):

n1

H

D
fd   
H
D



1

(3-11)

where, H is the embedment depth. Values of ′′ and ′n′ from Figure 3-28 are  and
1.32 for sand and  and 1.36 for gravel correspondingly.
The DNV uplift factor (fp) can be derived with a similar approach by equating equation
(3-3) and power law uplift factor from Figure 3-28 which results in equation (3-12):
n 1

H
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(3-12)

where, H is embedment depth considering. Values of ′′ and ′n′ are similar to the
Schaminee uplift factors derived from Figure 3-28 and they are  and 1.32 for sand
and  and 1.36 for gravel correspondingly.
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The White et al. (2001) uplift factor (f2) can be derived by utilizing equation (3-7) and
the power law uplift factor from Figure 3-29, which results in equation (3-13):

n1

h
   1
D
f2   
h
D

(3-13)

where, h is the embedment depth (from soil surface to the pipe shoulder). Values of ′′
and ′n′ can be derived from Figure 3-29 and these are  and 1.38 for sand and 
and 1.36 for gravel correspondingly.
Using equations (3-11), (3-12) and (3-13) for the tests performed in the granular
material in this thesis, the predicted values of uplift factors can be calculated and the
results are shown in Table 3-5. The predicted uplift factors have generally improved the
agreement with the back calculated uplift factors (except for a few tests) and are
significantly better than the industry values.
Finally, the improved predicted values of uplift factor have been used to estimate the
uplift forces. The results are shown in Figure 3-30, where a similar approach has been
taken as for Figure 3-21. The results show a much better correlation between the
predicted (Wpr) and measured loads (Wm) with all three methods.

3.7.4 Discussion on mobilisation distance
Peak strength mobilisation displacements have been reported by several researchers.
Dickin (1994) reported mobilisation displacement as a normalised ratio of (/D) in the
range of (0.01 to 0.15) for dense sand and between 0.01 and 0.4 for loose sand, with
increasing embedment ratio from 1 to 8. Bransby et al. (2001 and 2002) reported
normalised ratios of (/H) of about 0.02 to 0.08 for loose sand and 0.01 for dense sand.
Stone and Newson (2008) identified (/D) between 0.15 and 0.25 for loose sand. Cheuk
et al. (2008) reported a constant value of (/D=0.03) for both loose and dense sand at an
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embedment ratio of H/D=3. Ng and Springman (1994) reported (/D) between 0.08 and
0.12 for dense sand.
To better understand whether the scaling of pipeline mobilisation distances is possible,
the same approach had been taken as the previous section and the data from this study
and the literature (Cheuk et al. (2008), Palmer et al. (2003), White et al. (2001), Rowe
and Davis (1982), Bransby et al. (2002), Dickin (1994), Trautmann et al. (1985), Ng
and Springman (1994) and Schaminee et al. (1990)) have been compared (Figure 3-31).
Variations of the peak normalised mobilisation displacement (/D) versus embedment
ratio (H/D) for all of the available data is shown in Figure 3-31. Due to the diverse test
conditions and variety of densities in “loose” and “dense” states for the tests carried out
by these researchers, the data in the graph are generally noisy and do not show a clear
relationship between /D and H/D (this was also noted by White et al., 2001). The range
of mobilisation distances are shown in the graph, which are between 0.006D to 0.152D
for dense sand, with an average of 0.082D and between 0.021D to 0.25D, with an
average of 0.11D for the loose materials. The maximum uncertainties for the tests
performed in this study have been calculated with the partial derivative method
(Bevington et al., 1992) and are shown in Appendix E. These errors are of the order of
3E-4 for /D and 5E-2 for H/D.
Due to the noise in the data set (as mentioned above), a clear relationship could also not
be found between /H and H/D. Variations of the peak normalised mobilisation
displacement (/H) versus embedment ratio (H/D) for all of the available data is shown
in Appendix D (Figure D- 1). The range of variation of mobilisation distances in dense
sand is between 0.003H and 0.031H, with an average of 0.013H and between 0.007H
and 0.083H in loose sand, with an average of 0.033H. The maximum uncertainties for
the tests in this thesis have been calculated with the partial derivative method (Appendix
E) and found to be 5E-4 for /H and 5E-2 for H/D.
Despite the lack of clear relationships, the averages and ranges of /H and /D appear to
be consistent with values found in the literature. DNV-RP-F110 (2007) recommends a
range of mobilisation distances between 0.005H to 0.01H, which lies within the

101
reported ranges of the data in the literature (and the experimental data presented in this
section). However, correlations between /H and /D and embedment ratio do not seem
to exist (i.e. true scaling cannot be demonstrated), which confirms the work of Palmer et
al. (2003) and Stone and Newson (2006). Although in general terms, these data sets do
show increasing average displacements with reduced relative densities and larger
particle sizes.

102

3.8 Soil Deformation Measurement Using Particle Image
Velocimetry (PIV)

3.8.1 Introduction
To gain greater insights into the observations made in the previous sections, image
analysis was used to observe the evolution of the soil mechanisms around the pipe
during the tests.
A number of different approaches have been used previously to visualize soil
deformations in soil models e.g. X-rays (Philips, 1991) and stereo-photogrametry
(Andrews and Batterfield, 1973). These methods utilize different forms of artificial
target such as lead shot or screw heads. It has been found that using markers can lead to
problems with resolution, observing the image and interface issues (White et al., 2003).

3.8.2 Particle image velocimetry testing method
Cheuk et al. (2008) depicted the particle image velocimetry technique as “a
measurement technique that was initially developed for experimental fluid mechanics to
bring instantaneous velocity fields from seeded flow photographs under observation.
PIV calculates the instantaneous velocity or displacement field between a pair of images
by sectoring the primary image into a mesh of interrogation patches, which are
efficiently square regions of pixels whose brightness allocation differentiates the soil at
that point. Each of these interrogation squares then correlated with a larger search patch
from a subsequent image to calculate the displacement (White et al., 2003)”. This
method has the advantage that it can be used by study imaging only and not relying on
artificial targets. The displacement of the interrogation patches can be divulged by
indicating the best match between the interrogation and search patches with correlation
between the maximum peaks in the normalised correlation plane (Cheuk et al., 2008).
The PIV precision is reliant on the size of the interrogation patch and the accuracy is
generally about 1/20th of a pixel in the geotechnical problems (White et al., 2005). For
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the gravel material in particular it is possible that the ratio of patch size to gravel
particle may introduce some artefacts into the results. This technique was employed to
study the displacement field and soil failure mechanism around the pipeline during
pullout testing. PIV relies on basic pattern matching and for measuring the motion of
the soil material, some traces were added to the soil particles and pictures were taken.
MatPIV subroutine by Sveen (2004) has been subsequently used for pattern matching.
This software divides two subsequent images into smaller regions (interrogation
patches) and compares each sub window denoted by Ii,j1and Ii,j2 correspondingly (Sveen,
2004). To identify displacement of the pattern in Ii,j1the squared Euclidean distance
between the two sub-windows is calculated therefore for every likely overlap of the sub
windows, the sum of the squared difference between them is calculated and as a result,
the “least unlike” location of the sub windows are found out (Sveen, 2004). The core
file (matpiv.m) acts as a batch file which the different calculation files are called from
and an example of MatPIV calling is shown by Sveen (2004):

[x,y,u,v]=matpiv

(image1,

image2,

windowsize,

Dt,

WinOverlap,

Method,

worldcoordfile, maskfile)
Where image1 and image2 are two matrices containing preloaded images.
“Windowsize” denotes the sub windows size. “Dt” is the time interval between the
exposure of image1 and image2; “WinOverlap” indicates the interrogation patches
overlap; “Method” could be selected as “single” which executes PIV calculation with a
single iteration thorough the images or “multi” carries out PIV calculation with three
iterations through the images; “Multin” carries out PIV calculation with “n” iteration
through images (Sveen, 2004) and this method has been adopted in current research.
“Worldcoordfile” is the file containing the mapping between pixels (camera
coordinates) to centimeters (world coordinates) and “maskfile” is the file controlling the
regions in the images that calculation is not carried out (Sveen, 2004). After the
calculation has been completed, the velocity data should be filtered to remove outlier
vectors Which can be done with different filters e.g. “Signal-To-Noise ratio filters”,
“Peak height filters”, “global filters” and “local filters”(Sveen, 2004). In this study the
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first method (Signal-To-Noise ratio filters) has been used. Figure 3-33 shows an uplift
image of the pipe in loose shallow fine sand with no overburden pressure on the surface.
Displacement fields calculated with MatPIV fort these cases are also illustrated on top
of the photograph.

3.8.3 PIV test arrangement
The applied pullout rate for all of the tests was 0.28 mm/s and digital images of the
pullout were captured at time intervals of 1.4 to 1.8 sec (which varied between tests)
with a 10 mega pixel resolution using a Canon Power shot G7 digital camera. PIV
analyses were conducted on the tests described previously; however issues with soil
getting trapped at the end of the pipe caused disturbed image and other problems. Hence
further tests were conducted with the pipe being placed with its end caps in contact with
the front and back plexiglass faces while an “O” ring filled the gap between cap and
plexiglass. This was found to considerably improve the PIV imaging, although these
tests could not be used for load-displacement results due to additional resistance from
the “O” rings. There is a potentially small boundary effect resulting from friction
between the sand and the Plexiglass which is similar to or slightly lower than the
friction between the sand particles themselves.

3.9 Particle Image Velocimetry Test Results and Discussion
3.9.1 Deformation mechanisms
3.9.1.1 Sand

Evolution of uplift deformation mechanism of the pipe in shallow dense fine sand with
initial embedment ratio of h/D=2.5 and no overburden pressure (DFS2OB0) is shown in
Figure 3-32 to Figure 3-35. The load-displacement response of the pipe is shown in
Figure 3-32 with points A→C where the soil deformation mechanism has been
identified in the later figures. Figure 3-33 shows a normalised pipe movement of
/D=0.02 (point A). Above the moving pipe a wedge mechanism similar to White
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mechanism develops with an inclination angle equal to dilation angle of the sand
material (=23o) extended to the surface. The vectors show the incremental
displacements between two successive images under consideration. The results of the
PIV displacement field analyses are shown in image-space (pixel) coordinates.
At point (B), at the normalised pipe movement of /D= 0.1, a wedge mechanism similar
to White mechanism with an inclination angle equal to dilation angle (=23o) was
observed. The result of displacement vector is shown in Figure 3-34. Figure 3-35 shows
at a larger pipe movement of /D=0.5, a gap is seen to form beneath the pipe and opens
up sufficiently enough to trigger a partial development of flow around mechanism
combined with a White wedge mechanism (point C). This mechanism has been noted
by Cheuk et al. (2008), Schupp et al (2006) and Vanden Berghe et al. (2005).
Figure 3-37 to Figure 3-41 show the mechanisms during uplift of the pipe in the deep
dense fine sand (DFS6OB0) where the initial embedment ratio was (H+D/2)/D=6.5 and
no overburden pressure was applied on the surface. The various phases of pipe pullout
in deep dense homogenous sand and different identified mechanisms are shown on
Figure 3-36. The first mechanism (A) is identified at a normalised pipe movement of
/D=0.006. A wedge mechanism similar to the White mechanism develops. The result
of the displacement vector of this stage is shown in Figure 3-37. Similarly, at the next
stage (B) with /D= 0.02, the wedge mechanism is still observed and the displacement
field of this stage is shown in Figure 3-38. Stage (C) is identified at a normalised pipe
movement of /D= 0.1. A partial flow around mechanism develops at this point (similar
to Cheuk et al. (2008), Schupp et al (2006) and Vanden Berghe et al. (2005)) on top of
the pipe, in combination with the White wedge mechanism (Figure 3-39).
In the next stage (point D) at a large pipe movement of approximately /D=0.53, a gap
beneath the pipe opens up sufficiently to form a complete flow around mechanism
(Figure 3-40). Development of flow around mechanism combined with a narrow wedge
mechanism is observed when total/D=3.44 (point E). The displacement vectors, is
shown in Figure 3-41.
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Figure 3-42 to Figure 3-45 show evolution of uplift deformation mechanism of the pipe
in shallow loose fine sand (LFS2OB0) where the initial embedment ratio was
(H+D/2)/D=2.5 and no overburden pressure was applied on the surface. The various
phases of pipe pullout in deep dense homogenous sand and different identified
mechanisms are shown on Figure 3-42. Figure 3-43 shows a normalised pipe movement
of /D= 0.02 (point A). Above the moving pipe a wedge mechanism similar to the
White mechanism develops with an inclination angle slightly bigger than the dilation
angle of the sand material (=22o) extended to the surface. At normalised pipe
movement of /D= 0.1 (point B), similar to Cheuk et al. (2008), Schupp et al (2006) and
Vanden Berghe et al. (2005), a partial development flow around mechanism appeared
on top of the pipe with the soil downward movement around the pipe shoulder in
combined with wedge mechanism (Figure 3-44). At  /D=1.5 (point C), similar to
Cheuk et al. (2008), Schupp et al (2006) and Vanden Berghe et al. (2005) with a
sufficient large gap beneath the pipe and downward soil movement around the pipe
shoulder a flow around mechanism in sand observed (Figure 3-45).
Figure 3-46 to Figure 3-49 shows evolution of uplift deformation mechanism of the
pipe in deep loose fine sand (LFS6OB0), where the initial embedment ratio was
h/D=6.5 and no overburden pressure was applied on the surface. The various phases of
pipe pullout in deep dense homogenous sand and different identified mechanisms are
shown on Figure 3-46. A predominantly compression response at low /D (=0.02)
identified (point A), which is much localized (Figure 3-47). At a normalised pipe
movement of /D=0.1 (point B), a partial flow around mechanism on top of the pipe
developed in combination of a compression response (Figure 3-48). A complete flow
around mechanism developed at point C, at the normalised pipe movement of /D=0.5.
Figure 3-50 to Figure 3-52 show a range of uplift progress of the pipe in coarse sand
with embedment ratio of (H+D/2)/D=5.9 and an applied overburden of 10.4 kPa. The
first mechanism (A) is identified at a normalised pipe movement of /D= 0.03 and a
wedge mechanism similar to White mechanism develops. Above the moving pipe a
wedge mechanism similar to White mechanism develops with an inclination angle equal
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to dilation angle of the coarse sand material (=18o) extended to the surface. At
normalised pipe movement of /D=0.1 (point B), near the peak point, a White wedge
mechanism with dilation angle of (=18o) extended to the surface developed (Figure
3-52).

3.9.1.2 Gravel

Figure 3-53 to Figure 3-57 shows the development of soil deformation mechanism
around the pipe in deep gravel (G54OB35), where the initial embedment ratio was
(H+D/2)/D=5.9 and 3.5 kPa overburden pressure was applied on the surface. The
various phases (A→D) of pipe pullout in gravel and different identified mechanisms are
shown on Figure 3-53. The first mechanism (A) is identified at a normalised pipe
movement of /D= 0.02 (Figure 3-54). A nominal wedge mechanism similar to White
mechanism can show extends of the mechanism with an inclination angle equal to
dilation angle (=28o). However, the soil deformation appears to be very
heterogeneous. At the next stage (point B) with /D= 0.17, the wedge mechanism is
also observed (again with heterogeneous deformation) with an inclination angle of
=28o (Figure 3-55). Stage (C) is identified at a normalised pipe movement of /D= 0.5
with a wedge extended with angle of (=28o) to the surface (Figure 3-56). Figure 3-57
shows displacement vector of pipe movement of /D= 1.06 (point D). Similar to
previous stages of pipe movement, the inclined wedge with an angle of (=28o) defines
the extent of the mechanism.

3.9.2 Further discussion of the PIV test results
3.9.2.1 Sand

In shallow dense fine sand, peak uplift resistance was mobilised at low normalised
displacements (0.015D) and a failure mechanism was observed with the majority of the
displacement above the crown of the pipe, in front of the moving pipe. This observation
is similar to the White mechanism with inclined shear planes exiting from pipe to the
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soil surface. For the early stages of uplift, narrow shear planes are observed and the
shear plane extends at later stages until the ultimate uplift resistance is mobilised. At
peak uplift resistance, broad areas of the disturbed shear zone are observed. The region
of shear are inclined and slightly curved, similar to curved failure surfaces observed by
Stone and Newson (2006) and Cheuk et al. (2008). Immediately after the pipe moves
upward, detachment happens between the pipe and the sand mass and a gap formed
behind the pipe (with an approximate slope angle to ′cr).
In deep dense fine sand, peak uplift resistance is mobilised at very small displacements
(0.006D). Similar behaviour to dense shallow fine sand was observed with failure
mechanisms extending to the surface, but mobilizing larger volumes of soil above and
the pipe. At large pipe movements, a gap beneath the pipe opens up sufficiently to form
a complete flow around mechanism with downward soil movement around the sides and
below the pipeline.
For the shallow loose fine sand, peak uplift resistance is mobilised at small
displacements (0.03D) and a similar slip plane is observed with inclined shear planes
emerging from the pipe to the soil surface. As the pipe moves further, the gap is
enlarged at the back of the pipe and a partial flow mechanism with downward soil
movement occurs around the sides and below the pipeline.
In deep loose fine sand, the peak uplift load is mobilised at a displacement of (0.09D).
A predominantly compressive response is identified for the early stages (Figure 3-47),
which is very localized which is similar to observation by Schupp et al. (2006). As the
pipe moves further, a gap is formed and enlarges behind the pipe, with a flow around
mechanism and downward soil movement occurs around the pipe. Deformation later
becomes more localized in the region above the pipeline.
For the deep coarse sand, with an overburden pressure of 10.4 kPa, the peak uplift
resistance was mobilised at larger displacements of (0.16D). Similar to the previous
deep embedded cases, a failure mechanism was observed with the majority of
displacement above the crown of the pipe ahead of the moving pipe and thin more
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localized shear planes exiting from the pipe shoulders. These inclined shear planes
extend and widen at later test stages until they reach the soil surface at peak resistance.
For most of the tests a wedge mechanism is observed for the early stages of pull out
around the peak uplift load; after larger post-peak displacements, flow around
mechanisms are typically observed. The flow around mechanism may also occur for
earlier stages of the loose sand tests (even occurring at peak loads). Combined vertical
prism and flow around mechanisms may also occur similar to the observations by White
et al. (2001) and Schupp et al. (2005).

3.9.2.2 Gravel

In contrast to the sand tests, the PIV deformation mechanism in the gravel shows a very
broad zone of heterogeneous volumetric dilation occurring ahead of the pipe, which has
the same overall dimensions as the White wedge mechanism (with dilation angle of
about 28 degrees). However, the uniformity of the strains through the zone is very low.
It appears that an internal structure is developing with high deformation localisation and
cells of low deformation material in between. From Figure 3-54, Figure 3-55 and Figure
3-56, it appears that approximately 28%, 48% and 56% of the particles are highly
stressed (part of strong force chains) within the 28 degree wedge. At any one time there
appears to be between 16 and 20 gravel particles in contact with the pipe, which is
lower than typical recommendations for correct model scaling. However, this correctly
reproduces the field situation for a 100 mm to 150 mm pipe and rock fill of
approximately 50 mm to 100 mm diameter.
The gravel PIV deformation mechanism thus appears to show a projection of a threedimensional force chain structure that would be typically observed in a discrete element
method (DEM) analysis. The main chain branch length is approximately 1-3 times d50
and has approximately 4 to 6 particles in each of the highly stressed polygons. These
observations all seems to fit with what is typically seen in DEM analysis.
Observation of the direction of the velocity vectors as the pipe begins to move, show the
initial tendency of the contacts is close to the vertical orientation. With further uplift,
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the strong vertical chains begin to buckle and reform and further lateral support chains
appear to develop for equilibrium. The orientation of a number of the vectors appears to
rotate at least 90° during further pipe uplift. Indeed, some of the material that is close to
the pipe experiences principal stress rotation exceeding 180° as it passes around the
pipe back into the void that appears to be forming below the pipe. At high deformations,
a gap is seen to form with very obvious arching between particles supporting a very
wide and narrow gap (e.g. Figure 3-57), since the angle is less than ′crit for the gravel.
Due to the discontinuous nature of the mechanism, (having no discernable shear
banding at the mechanism edges) modelling with current approaches would therefore
appear to be extremely difficult.
The heterogeneous pattern of the gravel with relatively large voids between large
particles may potentially influence the basic pattern matching of MatPIV for measuring
the motion of the material. Since the patterns of the gravel particles and voids will
potentially change at much different rates, the correct interrogation patch size is
important (i.e. larger patch sizes will reduce the percentage of voids). Thus the tracking
of the voids compared to particles (with a fixed texture), may introduce artefacts and
result in erroneous tracking or could be considered to be noise and will get filtered out
by the software. However, larger patch sizes reduce the resolution of the particle motion
measurements. In addition, since the large particles are likely to experience more
substantial rigid body rotations (and may even move away from the Plexiglas interface)
compared to a similar volume of sand, cross-correlation of the two sub windows Ii,j1 and
Ii,j2 between two images may introduce further artefacts. Whilst a number of patch sizes
(ranging from 64 x 64 to 512 x 512 pixel window patches, equivalent to approximately
0.8d50 to 6.4d50) were utilized and compared, it was decided to maintain uniformity with
the sand testing and only present the results from the 64 x 64 pixel patches in the thesis.
Further investigation and discussion of these issues is shown in the Appendix F.
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3.9.3 Alternative prediction methods
As was discussed by Palmer et al. (2003) and Stone and Newson (2006), particle scaling
of the pipeline uplift problem is complex and may not be possible over a wide range of
grain sizes from silt to rock fill. Figure 3-58 shows no strong relationship exists
between peak mobilisation displacement (peak) and particle size. Although the data set
shows a range between 0.2 and 10.2 with an average of 2.72 in dense material and
between 1 and 24.8 with an average of 6.88 in loose material.
Despite the very weak relationships, there is some indication that greater displacements
to peak occur for loose sands compared to dense sands. Gravel/rock shows behaviour
similar to the dense sands even though it has loose packing, and provides higher peak
values.
Stone and Newson (2006) studied the interpretation of scale effects on physical
modeling tests of the uplift of buried pipelines in sand. Their work suggested that the
ratio of the particle size to the structure (pipe) and box affects mobilisation distance of
peak soil uplift and residual uplift states. Based on their studies, the shear band
initiation length for the gravel uplift tests in this thesis were between (50 to 100 times
d50) and shear band width is about (10-20 times d50); these values appear to be much
larger than the pipe size and the shear bands begin to approach the boundaries of the test
box. Hence the development of strain localisation in the gravel loading mechanisms that
are equivalent to those seen with the tests of the fine and coarse sand may not be
reasonable, (i.e. the previous observations in Figure 3-30, where the predicted uplift
load values Wpr≥Wm for the gravel tests).
Bolton et al. (1999) showed the effect of particle size on centrifuge cone penetration
tests in sand. They concluded that when the B/d50 ratio reduces from 25, where B is the
cone diameter, the normalised cone resistance increases and when B/d50 is above 25,
soil particle size does not affect the results. Figure 3-59 shows the ratio of pipe diameter
to particle size (D/d50) versus load factor, which is defined as the ratio of measured to
predicted loads in the pipe pullout tests. These data include the values from Bolton et al.
(1999), Schaminee et al. (1990), Deljoui et al. (2012), Ng et al. (1994) and Bransby et al

112
(2009). It is noticeable that with increasing size of soil particles compared to structure
size, the load factor increases. This assumes that there are some scaling issues related to
the enhanced mobilisation of dilation in shear bands around progressively smaller
penetrometers or pipelines (with D/d50<25) and the same effect has been seen for CPT
in gravel materials. This may explain that models that ignore dilation become less
accurate and eventually the strain localisation is of the same order as the pipeline itself.
Since the majority of data points used to derive the gravel curves in Figure 3-28 and
Figure 3-29 have come from model tests, this scaling effect is embedded with the data
set. In the event that D/d50 is of the same order as the model tests in the field, the
approach derived in Section 3.7.2 can be applied to rockfill cases directly. Should the
ratio D/d50 ≥ 25, then the derived f values need to be reduced by an appropriate factor
to accommodate for this scaling issue.
The relationship between pipe to particle size ratio (D/d50) and load factor (LF) in
Figure 3-59 can be represented by the exponential equation (D/d50) = 21.2(LF)-2.535. As
mentioned earlier, this relationship shows an increase in load factor (LF) with
increasing particle size (for a constant pipe diameter) and may be utilised as a
multiplication factor on the f design factors to reflect this particle size effect.
By applying this equation to the D/d50 values for the predicted gravel tests, a load
factor of 1.37 is found. Inspection of the estimated f values in Table 3-5 compared to
the back calculated values for the gravel indicates that the f values are generally “over
predicted” by 18-35%, which seems to confirm this hypothesis.
Likewise, situations where a full or partial flow around mechanism occurs at the peak
load (or post-peak) are not so well represented by the current models. Firstly, the
mechanism is completely different, with no wedge appearing ahead of the pipe during
initial uplift (for very loose soils) or after post-peak in certain cases. A number of
researchers have been tried to determine equations for the ultimate capacity of a
laterally loaded circular pile in a granular soil, based on the frontal and side resistances
of the pile. For example, estimates of N (=Wu/HD) vary from N=3.kp; 3.7kp-ka;
kp+kokp2.tan′-ka (where ka is the active earth pressure, kp is the passive earth pressure

113
and ko is the earth pressure ratio at rest) for e.g. Broms (1964), Petrasovits and Award
(1974) and Reese et al. (1974). However, all of these relationships predict N values at
least 2 times larger than those observed. The numerical analysis of Vanden Burge et al.
(2005) shows a distinct flow around mechanism for very loose materials with N in the
range of 2.2 to 3.0 for H/D values of 2 to 8.
An alternative approach therefore is to use the Bransby et al. (2009) formula for
calculating the flow around force in the pipe pullout tests in sand. It should be noted that
the mechanisms in the sand tests are partial and the length of the arc defining the edge
of the mechanism is approximately 60% of a full flow mechanism. Hence the Np factor
used for the load calculated with the Bransby method (10.5) should be reduced by 40%.
The friction angle is assumed to be for the critical state as suggested by Bransby et al.
(2009), which reflects the loose state of the sand during flow around. The results are
shown in Table 3-6 and show good agreement with the modified Bransby et al. (2009)
formula. However, further work needs to be conducted on finding an appropriate
analytical expression to represent this flow mechanism (e.g. Figure 3-49) more
accurately.
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3.10

Conclusion and Summary

This chapter described the uplift behaviour of pipelines buried in homogenous granular
soil under plane strain conditions. The key findings are:
For the experimental uplift tests on granular material, greater uplift load factors were
found to occur for dense compared to loose sand states. The uplift factors in dense sands
range between 0.4 and 1.1 and between 0.2 and 0.8 in loose sand. Use of the industry
standard uplift factors to predict these experimental test uplift resistances with various
analytical methods, showed divergence from the measured uplift forces to some extent,
but the White et al. (2001) method had the smallest deviation from the measured values.
The deviation of the measured uplift forces from the predicted uplift forces are thought
to be linked to incorrect uplift factor values suggested by industry standards and other
uncertainty with other soil parameters.
In order to gain greater insight into the soil conditions in these mechanisms, a series of
back analyses was conducted on the same tests to determine what the value of a number
of soil parameters should have been to match the test observations. Higher friction
angles, uplift factors and coefficients of lateral pressure, were calculated from the back
analysis of the pullout.
In order to provide a more rational method of determining the uplift factors (f), a
dimensional analysis has been performed to determine a relationship between the uplift
factor and other dimensional groups. The dimensional groups were found (Wu/(′ H2)),
(Wu/(′ D2)), (Wu/(′ HD)), (H/D), (k), (ID), (IR), (tan ′pk) and (H/D. tan ′pk) from the
dimensional analysis. For the experimental tests in this thesis and additional data from
similar tests found in the literature, the best correlation were found between
N*=Wu/(D2) and embedment ratio (H/D).
These

relationships

were

[Wu/(D2)=2.14(H/D)1.32]

for

sand

and

[Wu/(D2)

=3.32(H/D)1.36] for gravel respectively. The relationships shows the strongest
correlations (with R2=0.91 and 0.96 correspondingly), which could be attributed to
importance of the effect of stress level on uplift capacity. These strong correlations
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suggest that these may be used as part of a design tool to predict more accurate values
of uplift forces and uplift factors.
The Schaminee (fd) uplift factor, DNV (fm) uplift factor and White et al. (f2) uplift
factors have been estimated from methods involving the aforementioned relationships,
for the tests performed in the granular material in this thesis and the predicted values of
uplift factors have improved the agreement with the back calculated uplift factors
(except for a few tests) and perform significantly better than the industry values.
In the experimental tests, greater displacements (peak) to peak uplift load are found to
occur for loose sands compared to dense sands. Also displacement to peak load in
gravel is greater than for fine and coarse sand, and peak displacements for coarse sand
are greater than fine sand under the same overburden pressure and relative densities.
Greater peak normalised uplift forces for dense sands is observed compared to loose
sands. While greater peak uplift force for gravel is observed compared to fine and
coarse sand, the peak forces are approximately equal for fine and coarse sand under the
same overburden pressure and relative densities. Apparent post-peak softening was
observed in all dense sand and gravel pullout tests.
Correlations between /H and /D and embedment ratio do not seem to exist. However,
in general terms the data sets used show increasing displacements with larger grain size
and reduced relative densities.
For most of the tests, the White wedge mechanism is observed at early stages of pull out
around the peak displacement and loads, and after larger displacement, a flow around
mechanism is observed. However, the flow around mechanism may occur at earlier
stages of the very loose sand tests (even at peak uplift).
In fine sand, peak uplift load is mobilised at displacements around (0.01D to 0.02D),
but in deep coarse sand with overburden, it is mobilised at larger displacements of
(0.1D). Other researchers reported a range of 0.01D to 0.15D for dense sand and
between 0.01D and 0.4D for loose sand.
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For the sand tests, at larger displacements, a gap (with an angle close to ′cr) forms
beneath the pipe and a flow around mechanism starts to develop, in common with the
mechanisms suggested by Cheuk et al. (2008), Schupp et al. (2006) and Vanden Berghe
et al. (2005).
The soil deformation mechanism in gravel shows a very broad zone of heterogeneous
volumetric dilation occurring ahead of the pipe, which has the same overall dimensions
as the White wedge mechanism; however the uniformity of the strains through the zone
is very low.
Due to the discontinuous nature of the gravel deformation mechanisms, modelling
appears to be extremely difficult; the D/d50 scaling approach looks to have promise as a
load correction method.
With increasing the size of the soil particles compared to the pipe size, the load factor
(ratio of measured to predicted load) increases. The relationship between load factor and
pipe to particle size ratio can be utilised as a reduction factor on the fd design values to
reflect the possible particle size effects.
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Table 3-1. Series of physical model pullout tests in sand
Test
Number
1
2
3
4
5
6
7

Overburden
pressure
(kPa)
(v)
0
0
0
0
5.6
10.4
10.4

Density
(kg/m3)

Relative
density
(%)
(ID)
10
63
39
70
95
93
75

()
1405
1580
1508
1600
1691
1676
1637

Dilatancy
index
(IR)
0
4.67
2.51
5.32
6.67
5.92
4.59

Physical
embedment
ratio
(H/D)
2
2
6
6
5.4
5.4
5.4

Effective
embedment
ratio
(Heq/D)
2
2
6
6
15.4
24.2
24.7

Remarks

Loose Fine Sand
Dense Fine Sand
Loose Fine Sand
Dense Fine Sand
Dense Fine Sand
Dense Fine Sand
Dense Coarse Sand

Table 3-2. Series of physical model pullout tests in gravel
Test
Number
1
2
3
4

Overburden
pressure
(kPa)
(v)
0
3.5
5.6
10.4

Density
(kg/m3)
()
1586
1586
1586
1586

Relative
density
(%)
(ID)
64
64
64
64

Dilatancy
index
(IR)
4.74
4.22
4.04
3.75

Physical
embedment
ratio
(H/D)
5.4
5.4
5.4
5.4

Effective
embedment
ratio
(Heq/D)
5.4
12.1
16.1
25.3

Remarks

Pure gravel
Pure gravel
Pure gravel
Pure gravel

Table 3-3. Series of physical model pullout tests in sand and gravel
Test
Number
1
2
3
4
5
6
7
1
2
3
4

Overburden
pressure
(kPa)
(v)
0
0
0
0
5.6
10.4
10.4
0
3.5
5.6
10.4

peak
(mm)

F peak
(N)

1.0
0.5
3.1
0.2
3.7
4.7
5.5
5
5.4
10
12

35
66
156
311
618
965
1000
262
520
1214
1587

Physical
embedment
Ratio
(H/D)
2
2
6
6
5.4
5.4
5.4
5.4
5.4
5.4
5.4

Effective
embedment
Ratio
(Heq/D)
2
2
6
6
15.4
24.2
24.7
5.4
12.1
16.1
25.3

d50
(mm)

Remarks

Test
description

0.18
0.18
0.18
0.18
0.18
0.18
0.51
8
8
8
8

Loose Fine Sand
Dense Fine Sand
Loose Fine Sand
Dense Fine Sand
Fine Sand
Fine Sand
Coarse Sand
Pure gravel
Pure gravel
Pure gravel
Pure gravel

LFS2OB0
DFS2OB0
LFS6OB0
DFS6OB0
FS54OB56
FS54OB10
CS54OB10
G54OB0
G54OB35
G54OB56
G54OB10
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Normalised uplift force

Schaminee uplift factor

Modified Schaminee uplift
factor (DNV)

White uplift factor

Peak friction angle
(degree)

Lateral earth coefficient
at pipe shoulder

Dilation angle (degree)

Relative density (%)

Physical embedment ratio

Effective embedment
ratio

Wu

Wu/
(.H.D.L)

fd

fp

f2

′

K



ID

H/D

Heq/D

D/d50

(IR)

88

2.87

0.94

0.6

0.52

45

0.6

18

10

2

2

183

0

LFS2OB0

392

3.98

0.5

0.42

0.41

40

0.51

12

39

6

6

183

2.51

LFS6OB0

165

4.78

1.89

1.21

1.13

63

0.61

41

63

2

2

183

4.67

DFS2OB0

Dilatancy index

Test description

Measured uplift force
(N/m)

Table 3-4. Uplift factors and back calculated values of material parameters using the
different methods

778

7.45

1.07

0.92

0.9

54

0.65

30

70

6

6

183

5.32

DFS6OB0

1546

5.44

0.82

0.69

0.7

48

0.63

22

95

5.4

15.4

183

6.67

FS54OB56

2413

5.46

0.83

0.69

0.7

48

0.63

22

93

5.4

24.2

183

5.92

FS54OB10

2502

5.69

0.87

0.73

0.8

49

0.64

23

75

5.4

24.7

64

4.59

CS54OB10

656

7.06

1.12

0.94

0.9

55

0.65

31

64

5.4

5.4

4

4.74

G54OB0

1301

6.23

0.97

0.81

0.8

51

0.65

27

64

5.4

12.1

4

4.22

G54OB35

3036

10.92

1.84

1.54

1.6

73

0.47

54

64

5.4

16.1

4

4.04

G54OB56

3970

9.1

1.5

1.25

1.3

65

0.6

43

64

5.4

25.3

4

3.75

G54OB10

Schaminee uplift factor

Predicted Schaminee uplift
factor

White uplift factor

Predicted White uplift
factor

Relative density (%)

Apparent embedment ratio

Effective embedment
ratio

Dilatancy index

Wu/
(.H.D.L)

fd

f *d

fp

f *p

f2

f *2

ID

H/D

H/D

(IR)

88

2.87

0.94

0.83

0.6

0.53

0.52

0.64

10

2

2

0

LFS2OB0

392

3.98

0.5

0.46

0.42

0.40

0.41

0.42

39

6

6

2.51

LFS6OB0

165

4.78

1.89

0.83

1.21

0.53

1.13

0.64

63

2

2

4.67

DFS2OB0

Test description

Normalised uplift force

Wu

Modified Schaminee uplift
factor (DNV)
Predicted modified
Schaminee uplift factor
(DNV)

Measured uplift force
(N/m)

Table 3-5. Predicted and measured uplift factors

778

7.45

1.07

0.46

0.92

0.40

0.9

0.42

70

6

6

5.32

DFS6OB0

1546

5.44

0.82

0.76

0.69

0.64

0.7

0.71

95

5.4

15.44

6.67

FS54OB56

2413

5.46

0.83

0.91

0.69

0.76

0.7

0.87

93

5.4

24.2

5.92

FS54OB10

2502

5.69

0.87

0.92

0.73

0.77

0.8

0.88

75

5.4

24.65

4.59

CS54OB10

656

7.06

1.12

0.94

0.94

0.79

0.9

0.89

64

5.4

5.4

4.74

G54OB0

1301

6.23

0.97

1.32

0.81

1.10

0.8

1.23

64

5.4

12.09

4.22

G54OB35

3036

10.92

1.84

1.48

1.54

1.24

1.6

1.37

64

5.4

16.1

4.04

G54OB56

3970

9.1

1.5

1.77

1.25

1.48

1.3

1.63

64

5.4

25.27

3.75

G54OB10

128
Table 3-6. Measured and calculated uplift resistance with Bransby et al. (2009)
Measured
post peak‡
Wu/.H.D

Measured
peak load
(normalised)
Wu/.H.D

2.7

2.9

H/D

Critical
state
friction
angle
'

Material

Relative
density
(%)

Dilatancy
index
(IR)

Bransby et
al.(2009) formula
prediction
Wu'DH

Test description

2

30

Sand

10

0

4.4

LFS2OB0

4

4.0

6

30

Sand

39

2.51

3.8

LFS6OB0

1.24

4.8

2

30

Sand

64

4.67

4.4

DFS2OB0

4.93

7.4

6

30

Sand

70

5.32

3.8

DFS6OB0

‡ Measured load when full flow around mechanism occurs (at approximately 1D displacement)
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Percent finer by weight (%)
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0
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10

100
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Figure 3-1. Particle size distribution of gravel, fine and coarse sand
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Figure 3-2. Direct shear tests results for loose (ID=0.4) and dense fine sand (ID= 0.6) with
peak nonlinear failure envelope
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Figure 3-3. Direct shear test results for loose (ID=0.4) and dense coarse sand (ID=0.7) with
peak nonlinear failure envelope
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Figure 3-4. Dilation angle against normal pressure based on shear box and Bolton (1986)
methods [dense state]
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Figure 3-5. Peak friction angle against normal pressure based on critical state angle and
Bolton (1986) methods [dense state]
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Figure 3-6. Elevation schematic view of the apparatus
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Figure 3-7. Pipe geometry and definitions
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Figure 3-8. Typical deep loose fine sand test setup (prior to uplift)
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Figure 3-9. Typical homogenous gravel deep test setup (prior to uplift)
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Figure 3-10. Load against displacement response-fine sand (No overburden)
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Figure 3-11. Normalised force and displacement (constant H)
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Figure 3-12. Normalised force and displacement (instantaneous H)
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Figure 3-13. Load v. displacement in fine sand (with overburden)

30
FS54O10
25

FS54O56

F/ Hconst. D

20

Hconst..= initial soil cover from
soil surface to the pipe crown

15

10

5

0
0

1

2

3
/D

Figure 3-14. Normalised force and displacement (constant H)
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Figure 3-15. Normalised force and displacement (instantaneous H)
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Figure 3-16. Load v. displacement response-gravel:various overburdens
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Figure 3-26. Variation of (Wu/D2) against embedment ratio (linear correlation)
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Figure 3-27. Variation of (Wu/D2) against (H/D. tan'peak)
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Figure 3-28. Variation of (Wu/D2) against embedment ratio (non-linear correlation)
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/D=0.006

=22o

Figure 3-37. Displacement vectors, deep dense fine sand with no overburden, point A

151
/D=0.02

=22o

Figure 3-38. Displacement vectors, deep dense fine sand with no overburden, point B

152

/D=0. 1

=22o
partial flow
development

Figure 3-39. Displacement vectors, deep dense fine sand with no overburden, point C

/D=0.53

flow
mechanism
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Figure 3-41. Displacement vectors, deep dense fine sand with no overburden, point E
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4 PIPE PULLOUT FROM CLAYS AND LAYERED
SOILS
4.1 Introduction
4.1.1 Upheaval buckling and pipeline uplift
With maturing oil fields, more oil and gas products are extracted from stripper well
sources. Hence, small diameter in-field flow lines are often used, instead of large
diameter pipelines to transfer hydrocarbons from point of recovery to export lines, to
export oil and gas, and to transfer product between platforms, subsea manifolds and
satellite wells.
For safety reasons and to reduce environmental catastrophes, these pipelines are
commonly embedded beneath the seabed to protect against storm loads and currents,
fishing and marine activities (e.g. drag anchors, trawls), icebergs and providing on
bottom stability. This also ensures potential improvements of the thermal insulation of
the pipeline system.
Pipelines are commonly buried in deep offshore and possibly harsh environments.
Hence, the cost of laying and potential maintenance can be tremendous. Consequently,
offshore pipelines must be installed quickly and efficiently with the lowest possible
levels of risk for their life cycle.
Typically, these pipelines are laid at the ambient temperature with nearly zero axial
stress. To ensure high flow rates in the pipelines, the gas or oil are usually pumped at
high temperature and pressure (about 160° C and 70 MPa). This can produce substantial
axial strain, which is resisted by adhesion between the soil and pipeline, so that
compressive forces increase in the pipe. These compressive forces can be large enough
to induce general buckling in the weakest plane of the pipe, which is often the vertical
plane for trenched pipelines and is commonly referred to as upheaval buckling (UHB).
This can lead to the emergence of the pipe from the soil or the pipe becoming
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considerably distorted and unable to resist any more axial loading. A combination of
cyclic cooling and heating due to line interruptions and initial lay imperfection can also
gradually 'ratchet' the pipe upwards. The soil above the pipeline and the buoyant weight
of the pipe resist the upward movement of the pipeline and the embedment depth must
be adequate to prevent the vertical pipe movement from occurring and hold the pipe
down. Once the pipe starts to move, the curvature of the bending pipe increases, and it
becomes unstable and can move suddenly, reaching a new equilibrium position (which
might be above the seabed level).
Trenching is typically carried out with trench cutters, ploughing and specialised water
jetting. These techniques produce disturbance to the structure of seabed soil and will
change the in-situ mechanical behaviour. Disturbance of the seabed depends on the soil
form and the type and mode of the trencher that has been used. Of particular concern to
industry are trenches that have been water-jetted in soft soils and other soils where the
potential for major changes in structure of the trench backfill properties exist. Ploughing
can also remould the soil above and below the pipeline, resulting in a much lower
strength than the in-situ material.
The uplift capacity of the soil-pipeline system will depend on the problem geometry, the
mobilised shear strength and body weight, the relative rate of loading and the potential
for detachment of the soil behind the pipe during uplift. If the backfilled soil above the
buried pipeline is expected to be very weak, then a number of options can be used to
prevent upheaval buckling: greater burial depths, significant changes in the pipe
operational temperatures and pressures, and the use of covering geotextiles or layers of
cohesionless material dumped above the trench (Palmer et al., 1990). However, it is
often very difficult to increase burial depth and changes in pipe design or the use of
geotextiles can be prohibitively expensive. Hence the chosen option is generally to add
layers of sand or more commonly, rockfill (crushed rock) along the whole pipe or at
intermittent critical points (Palmer et al, 1990).
Interest from industry, for example Cathie et al. (1996) and Finch (1999) has stimulated
studies of uplift behaviour of buried pipelines to create greater understanding of the
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problem (e.g. Sinclair & Andrews, 1984; Schaminee et al., 1990; Bransby et al., 2002;
Newson & Deljoui, 2006; White et al., 2008). General discussions of the upheaval
buckling problem have also been described by Finch (1999), Guijt (1990), Palmer et al.
(1990) and Cathie et al. (2005), and several case studies that have occurred in practice
have been reported by Cathie et al. (1996) and Nielsen & Lyngberg (1990). However it
should be noted that whilst these investigations have distinguished numerous failure
mechanisms for the soil-pipeline system during vertical uplift through trench backfill of
uniform materials, to date there have only been a few studies of pullout behaviour from
layered materials.

Stewart (1985), Bransby and Newson (2002), Ng and Springman (1994) and
Thusyanthan et al. (2008) have studied pullout behaviour of pipes and anchors through
layered materials.
Stewart (1985) studied the uplift resistance of scaled model circular plate anchors in
artificial clay known as Glyben, overlain by a medium to dense sand backfill, with
relative densities from 39% to 88.7%. The anchor diameter (B) was 50 mm with 5 mm
thickness and its position was fixed within the artificial clay. Stewart conducted a series
of tests on vented anchors in homogenous Glyben, homogenous sand and layered
Glyben-sand with various normalised overlay depths from H/B=1.5 to H/B=9.0. The
load-displacement curves of the some of these tests are shown in Figure 4-1. The tests
result show that the uplift capacity starts increasing when the anchor reaches to about 15
mm (or approximately B/3) before the interface and it increases significantly during
interface transition and beyond the interface. Stewart (1985) concluded that the sand
overlay can considerably increase the pullout capacity of the buried anchor in a clay
(Glyben) layer. The increase in uplift capacity seemed to be composed of two
components: (1) due to additional overburden pressure and (2) due to mobilisation of
the frictional resistance of the sand. He also concluded at the same embedment ratio,
dense sand overlay gives a greater increase in uplift capacity than loose sand overlay.
Bransby et al. (2002) completed a program of scaled physical model tests investigating
the uplift behaviour of buried offshore pipelines, including layered sand and gravel
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tests. Layered model tests were performed using saturated loose sand overlain with a
gravel or sand berm in the centrifuge at enhanced gravity of 5.2 g. Their results show an
evident increase in uplift resistance with either sand or gravel berm. However, the uplift
capacity increase with gravel berm was more noticeable and was thought to be due to
dilation of the gravel berm during initial pipe displacement.
Ng and Springman (1994) studied the uplift resistance of sand backfill overlain by
gravel against vertical movement of a buried pipeline in layered sand and in mini-drum
centrifuge at Cambridge University. The pipe was embedded in a sand layer and a
gravel layer was placed on top at a nominal gravity level of 40g. Their results show an
increase in uplift resistance provided by soil with the overlain gravel layer. Ng and
Springman (1994) concluded the increase in peak uplift resistance was primarily as a
result of increase of cover ratio, rather than mobilised friction angle.
Thusyanthan et al. (2008) studied the effect of cover depth and rock-dump behaviour on
the uplift resistance of buried pipelines in clayey backfill with centrifuge tests. The
centrifuge tests were performed at 30g and natural marine clay were used. The soil
resistance against uplift movement, soil cover, vertical pipe displacement and excess
pore water pressure were measured in a 1:30 scale model test. An embedded pipe in a
clay layer was overlain with different thicknesses of rock-dump. The backfill clay was
allowed to consolidate for one month before rock dumping and another month was
allowed for consolidation after rock-dumping. Their results showed an increase in peak
uplift resistance compared to a homogeneous clay layer. Thusyanthan et al. (2008)
attributed this increase to the weight of the rock-dump and shear resistance of the rockdump layer.
Due to the paucity of further results in the literature, it is also instructive to look at other
areas where indenters/ structures interact with layered materials. For example, Xu and
Lehane (2008), Ahmadi and Robertson (2005), Hird et al. (2004) and Vreugdenhil et al.
(1994) have studied the behaviour of penetrometers in layered soils.
Xu and Lehane (2008) studied the effect of soil stiffness and strength on the mobilised
end resistance of a cone or displacement pile in a two layered (weak / strong) soil
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profile. They used a parametric finite element method based on spherical cavity
expansion theory and a nonlinear elastic-plastic soil model. Xu and Lehane (2008)
concluded that the penetrometer resistance in the vicinity of the interface between the
two soil layers (weak/ strong) was influenced by the stiffness and strength of these two
layers. They also performed a series of centrifuge penetration tests in layered soil to
verify their proposed formulation.
Ahmadi and Robertson (2005) studied the cone penetration resistance in layered soil by
numerical analysis. They used two layer soils including two different relative densities
of sand and sand / clay layers for their analysis and performed parametric numerical
modeling to investigate the distance of the cone to the interface where the cone first
senses the presence of the interface. This distance was found to be between 10-20 cone
diameters for a dense sand layer and less for loose sand layer. For a soft clay layer this
zone of influence was found to be about two cone diameters. They also performed
numerical analyses for a thin sand layer embedded in soft clay and found that the full tip
resistance may not be fully attained in a thin sand layer. Therefore a correction factor
was suggested for tip resistance, which varies with layer thickness and stiffness. Their
results compared well with experimental observations.
Vreugdenhil et al. (1994) also studied the behaviour of a cone penetrometer in multi
layered materials and demonstrated an approximate analysis for interpretation of the
results of a cone penetrometer in different layers with various stiffness. They assumed
that the cone senses the existence of the adjacent layers elastically and developed an
approximate analysis to calculate the effect. The result showed good agreement with the
calibration chamber experimental data.
Similarly, Okamura et al. (1998), Sakai and Tanaka (2007) and Teh et al. (2008)
investigated the behaviour of foundations and anchors on layered soils.
Okamura et al. (1998) studied the bearing capacity of a relatively thin layer of sand
overlying a deep clay bed based on the limit equilibrium method, assuming a virtual
sand block between the base of the foundation and interface of two layers. The shape of
this virtual block and the forces acting on the surface of the block were studied and the
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calculated bearing capacities were compared with the results of a well-conditioned
centrifuge test by Okamura et al. (1997) to verify the validity of the method. The
results of their work shows their proposed limit equilibrium method compared well with
the observations, regardless of shape, depth of the footing and strength of the underlying
clay.
Sakai and Tanaka (2007) studied the uplift behaviour of the shallow circular anchors in
two-layered sand. They performed experimental 1g tests and compared the results with
finite element analysis by implementing an elasto-plastic model in which progressive
failure with a shear band effect was considered in the constitutive equation. The
numerical model predicted the behaviour of the anchor in two layered sand. They
observed the direction of shear band formation is a function of the density and not the
location of the sand layer. The results showed that increasing the thickness of a dense
layer above a medium density bed, the maximum uplift resistance increases and with
increasing thickness of a medium density layer above a dense bed the maximum uplift
resistance reduces. They also showed that when the lower and upper layers were of
equal thickness, the comparison of a dense/medium bed to medium/ dense bed resulted
in a larger maximum uplift resistance. They also concluded that scale effects were
significant in the lower layer and not the upper dense layer.
Teh et al. (2008) studied the bearing capacity mechanism induced during penetration of
an offshore jackup spudcan through a layer of sand overlying normally consolidated
clay. Centrifuge experiments tests were conducted to observe the mechanisms in a
similar stress state to the field, with the help of the particle image velocimetry
technique. Their experimental study provided useful information on the failure modes at
different spudcan penetration depths, the transitional failure mechanism at peak bearing
resistance and the effect of geometry and the strength condition of the layered soil at
failure. They found that the major shearing mechanisms occurred in both the sand and
clay layers, but the shearing mechanism of the sand layer would be dominant for large
relative thickness ratios.
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Det Norske Verit [DNV-RP-F110, 2007] recently published a recommendation practice
document for the prediction of the upheaval buckling resistance of buried offshore
pipelines. This document extended the state-of-the art and made recommendations for
UHB analysis for sand, gravel, clay and layered materials. For layered materials, it
considers an uplift resistance model for cohesive soils with an additional gravel/sand
layer to increase the uplift resistance. DNV-RP-F110 indicates that when the pipe is
more than 50% embedded into the clay layer, a softer response than a homogenous
gravel/rock model needs to be considered. Figure 4-2 shows a typical forcedisplacement curve for this failure mode. In this load-displacement curve, R1 is the
uplift resistance provided by the clay layer, R2 is the uplift resistance provided by the
overlying granular material layer. H1 is the distance form top of the pipe to interface, zp
is the penetration of cover material into the clay layer and is assumed to be equal to the
median particle size of the cover material (d50) and f is the mobilisation distance from
the end of the clay response to the second peak in the granular layer. The recommended
values in the document of an uplift resistance factor are 0.5 to 0.8 for gravel/rock and
between 0.4 and 0.6 for sand cover. The value of f is 0.4D for gravel and rock and
0.6D for sand cover and zp is 0.5 to 0.1 m for gravel/rock and 0.02 to 0.05 m for sand
cover. General commentary and feedback from industry suggests that these values need
to be verified with ongoing experience in practice.
NTNU and SINTEF Civil and Environmental Engineering in Spongdal, Norway
performed field tests to investigate the effectiveness of increasing uplift capacity of
embedded pipelines in clay backfill by placing a cohesionless soil layer on top of the
clay layer. A total number of eight full-scale pipe pullout tests through layered soils
were performed by the NTNU and SINTEF with different pipe embedments, layering
and backfill mass (SINTEF, 2001). Four of these tests had soil composed of remoulded
clay and sand fill, and the other four were composed of remoulded clay and crushed
rock. In each case, a pre-existing trench of depth 1.6 m, was filled with different
thicknesses of clay and granular soils. The pipe diameter was 273 mm and the
overburden ratio was fixed for all of the tests (H/D = 4.4). The water table was assumed
to be located at the ground surface in each test. The thickness of clay covering the pipe
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varied, with the trench being backfilled to ground level with either sand or crushed rock.
Figure 4-3 shows the pullout test results in clay-sand. Their results show when the top
of the pipe pulled through the granular material, the pullout resistance increased
dramatically (given the strength variation between the clay and granular soil) and when
the bottom of the pipe passed the interface between the two layers, the pullout force
dropped demonstrating the loss of attachment between bottom of the pipe and clay
layer. It was shown that the pullout force through the crushed rock was higher than the
pullout force through a sand layer, which was due to different porosity, unit weight and
internal friction between sand and crushed rock. The uplift force in the layered tests
with trenches filled with clay from the bottom of the trench to the top level of the pipe
and then overlain by granular material, were found to be slightly lower than the
corresponding homogenous granular tests and the responses were found to be somewhat
softer. These results also showed a peak uplift resistance was mobilised at a larger
displacement, as the thickness of the clay layer increased and the smallest mobilisation
distance occurred when there was no clay layer and the trench was filled with only
granular soil.
Generally, the literature suggests that additional granular fill layers can increase the
uplift resistance of weak clay layers, which has been attributed to increased overburden
and mobilisation of the peak friction angle of the granular fill due to dilation. Generally
the indenters/ structures sense the interface of the two layers prior to reaching it and
studies suggested that this occurs at values ranging from 0.3 to 2 times the
width/diameter of the object. Current homogeneous material soil models appear to be
sufficient to calculate the peak pullout forces in some, but not all cases and there is no
specific analysis for pullout in the layered soil cases. In addition, little guidance exists
for use of the available models. Potential consequences for the industry are overdesign
or under design, and significant extra cost for design remediation with rock fill berms.

4.1.2 Research objectives
Despite the aforementioned body of research existing in the literature, uncertainties still
exists as to the appropriate design parameters and failure mechanisms involved for
different cases. This chapter presents a set of plane strain scale physical model tests to
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investigate the pullout behaviour of buried pipelines that examines the resistance of
both homogeneous and layered clayey and granular soils against upheaval buckling.
This work has been conducted to assess the current state-of-the-art, to provide guidance
for the design of buried pipelines for backfill soils in this state and to clarify some of the
aspects of uncertainty in this topic. For this purpose a series of tests with pipe embedded
in clay and overlaid by fine sand, coarse sand or gravel with different embedment depth
and overlain heights. The quantification and deformation behaviour of pipe pullout
through single and layered soil is investigated with load-displacement measurement and
Particle Image Velocimetry (PIV) technique.

4.2 Material Properties
The scaled physical model tests have been conducted using cohesive and frictional
materials, namely: sand, gravel and clay. The basic geotechnical properties of these
materials are given below.

4.2.1 Sand
Two Ottawa silica sands with different grain size distributions were utilized: Barco-71
and Barco-32, for fine and coarse sand respectively. Barco Silica sand has been used in
earlier studies and its mechanical behaviour is well known (e.g. Khan et al., 2006). The
sand has a sub-rounded shape. The particle size distribution of the sands has been
performed in accordance with ASTM D 6913 and the results are presented in Figure
4-4. The curves show that the particle diameters for 50% passing (d50) in the grain size
distribution curve of Barco-71 and Barco-32 are 0.18 mm and 0.51 mm respectively.
The coefficients of uniformity were found to be 1.8 for fine sand (Barco-71) and 1.5 for
coarse sand (Barco-32) and the specific gravity (Gs) was found to be 2.65 for both types
of sand. The critical state friction angle (crit), peak friction angle (peak), dilation angle
() and shear strength of loose and dense sand packing for the fine and coarse fractions
were measured with the direct shear box apparatus. The maximum and minimum void
ratios of the fine sand were found to be (emax=0.86 and emin=0.52) in accordance with
ASTM D4253 and ASTM D4254 and maximum and minimum void ratio of the coarse
sand were measured to be (emax=0.87 and emin=0.53) respectively. Due to low stress
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ranges in the model tests, peak nonlinear failure envelopes for the direct shear tests were
determined and are shown in Figure 3-2 and Figure 3-3. Bolton (1986) showed a unique
set of correlation between, maximum (peak) dilation angle (max), peak friction angles
(′peak), critical state friction angle (′crit) and relative dilatancy index (IR) as ′peak-′crit=
0.8 max=5 IR°. The dilatancy index is defined by IR=ID (10-ln P′)-1 where, ID is the
relative density and P′ is the mean effective stress. Comparison of the peak dilation
angles of the fine and coarse sand from the shear box vertical / horizontal displacement
graphs and the relationship of Bolton (1986) for granular material are shown in Figure
3-4. The peak friction angles, peak, of fine and coarse sand in dense state were
calculated by Bolton (1986) relationship and critical state friction angle. The variation
of peak friction angle with normal pressure is shown in Figure 3-5. The Dilation angles
of a find sand at low stress level of 4 kPa is about 17 degrees which reduces at higher
stress levels to about 12 degrees at normal pressure of 25 kPa and reaches to its
minimum value of 8 degrees at 100 kPa. The dilation angle of coarse sand starts at
about 20 degrees at normal pressure of 4 kPa and reaches to 15 degrees at stress level of
25 kPa and the minimum value of 10 degrees at 100 kPa normal pressures. The peak
friction angle is started at 46 degrees at low stress level of 4 kPa and reduced to 38
degrees at 100 kPa for coarse sand and for fine sand, it started at 43 degrees at 4 kPa
normal pressure and reduced to 36 degrees at 100 kPa.

4.2.2 Gravel
The rounded gravel ranges on size from 4.76 mm to 12.5 mm and its grain size
distribution curve is also shown in Figure 4-4. The d50 of the gravel is 8 mm and the
coefficient of uniformity was found to be 1.6. The maximum and minimum void ratios
of the gravel were found to be emax=0.95 and emin=0.75. Some difficulty was
experienced estimating the friction angle for the gravel using the Western shear boxes,
due to the large particle size. Hence the angle was determined from a combination of
the shear box data and an infinite slope tray. The critical state friction angle, crit, was
found to be 36 degrees and the peak dilation angle was estimated (capped) to be 25
degrees. This will results in a peak friction angle of between 61°, which is too high.
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4.2.3 Glyben
Artificial clay was prepared in the laboratory by mixing sodium bentonite and glycerol.
This material is known as Glyben and has been used successfully by other researchers
such as Mayfield (1963), Davie (1973), Stewart (1985) and Sutherland (1988). Mayfield
(1963) proposed that a mixture of platy fine particles and a liquid binder of low
volatility and high polarity will produce purely cohesive clay with stable mechanical
properties. The properties of Glyben are very reproducible and it is insensitive to
handling, and therefore the same batch can be used repeatedly, with little thixotropic
variation in the shear strength (Stewart, 1985 and Deljoui, 2007). Glycerol has no
perceptible evaporation at normal room temperature. There are a few disadvantages of
Glyben, which are as follows: pore water pressure could not be measured, Glyben
samples must be formed by compaction, which might result in air trapped in the sample
and some thixotropic properties have been observed at higher temperatures (Davie,
1973). Glyben is a hygroscopic material so it should be stored in a dry atmosphere and
sealed condition, otherwise it becomes sticky and much more difficult to handle and this
may reduce the shear strength slightly. Temperature changes may also affect the shear
strength (Stewart, 1985). A range of shear strengths were achieved by varying the
glycerol percentage. These values were low enough to allow compaction by hand. The
percentage of the glycerol is defined as weight of the glycerol divided by the total
weight of Glyben multiplied by 100. Various samples were prepared with different
glycerol percentages in a standard cylinder Proctor mold (101.6 mm diameter x 116.4
mm height) and compacted with a standard compaction Proctor hammer (50.8 mm
x304.8 mm- 2.48 kg). The material shear strengths were determined using a hand shear
vane and UU triaxial tests. The variation of the material shear strength with glycerol
percentage is shown in Figure 4-5.
The uplift resistance of the Glyben is considered to give undrained behaviour due to
high loading rate and low permeability used in the test program. Undrained
Unconsolidated (UU) triaxial tests were performed on stiffer mixture of Glyben. It was
found extremely difficult to prepare soft Glyben cylinder samples for the UU triaxial
test. Hence for the lower values of shear strength, measurement was made with a
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laboratory vane on multiple points of the soft Glyben in the preparation of the testing
box, before pulling out the pipe. Bulk densities of the Glyben were measured by placing
aluminum density molds in the Glyben and measuring the net weight of the Glyben in
the mold. Parameters of compression and consolidation of 47.5% Glyben including
coefficient of compressibility (av), coefficient of volume compressibility (mv) and
coefficient of permeability (k) from oedometer tests are presented in Table B-1. The
void ratios vary between 1.42 and 1.13 over the pressure range of 0-800 kPa. The values
of Cv and k vary between 3 and 0.5 m2/year and 1x10-9 and 1x10-11 over the same
pressure range. The values of coefficient of compressibility (av) and coefficient of
volume compressibility (mv) vary between 0.0025 & 0.0002 and 1.04 & 0.08 over the
same pressure range. Data showing the relationships between bentonite & glycerol
percentage and undrained shear strength are shown in Figure 4-5. The plasticity index
of the Glyben was measured to be 10. The data mentioned here is specific for Glyben.
The bulk unit weight () of offshore clays reported from various offshore sites by
Mayne et al. (2010) were found to lie between the range of 11.8 and 20 kN/m3 and the
measured unit weight of Glyben is found to be 13.1 kN/m3 (when prepared as described
herein), which falls within the lower part of this range. For soft normally consolidated
clays (Ladd and Edgars, 1972), the self-weight is found to lie between the range of
6<.H/cu<12 and for over consolidated clays the range is 1<.H/cu<2.5. Value of .H/cu
found in the pullout tests performed in this thesis were found to range between 2.3 and
3.6, which shows the dimensional similarity between prototype and the models.

4.3 Pipe Pullout Apparatus
Plane strain (2D) pullout tests were carried out with a range between 1/5th and 1/15th full
scale prototype, where a buried steel pipe was pulled out of the soil backfill.
Displacement controlled loading was performed where the pipe was displaced
continuously at a rate of 0.28 mm/s and resistance forces applied on the pipe by the soil
were measured with a load cell installed on the actuator. The main function of the
apparatus was to determine the load-displacement relationships of the pipe pullout.
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Figure 4-6 shows a digital photograph of the apparatus. An elevation schematic view of
the apparatus with its major parts is shown in Figure 4-7, which shows its principal
dimensions. The soil was placed in a box, with base dimensions of 527 mm and 400
mm square. The box was made of metal sheets beneath and on the two sides, with two
thick plexiglass sheets on the front and back faces of the box for visual observation. A
33 mm diameter pipe was installed in the sample box, while it was supported by the
hanger and a beam to the actuator. The dimensions of the box were selected to minimize
boundary effects for this size of pipe. The 400 mm long steel pipe was pulled out of the
soil with an inverted non-rotating actuator, which connected from the top of the pipe to
a rigid hanger arrangement to ensure that the pipe moved vertically and monolithically.
In order to resist lateral and differential movement, the hanger system was designed to
be rigid and allowed only vertical movement of the pipe. The actuator, gearbox and
motor control equipment were mounted on top of the box supported by two rigid steel
channel sections to avoid extra deflections. “S” beam type load cells, SBO-2K with
capacity range of 8896 N (2000 lb) for larger load and SBO-200 with capacity range of
890 N (200 lb) for smaller load were utilized. The load cells were calibrated in tension
and compression. A displacement transducer with a maximum 150 mm displacement
range and a potentiometer with a 300 mm displacement range were used. The output
from the load cells and displacement transducers were logged using a computer based
data logger system.

4.4 Sample Preparation Method
4.4.1 Sand and Gravel
Fine and coarse soil beds were prepared from Barco 32 and Barco 71 sand respectively.
Dry sand was air pluviated to a depth of 50 mm in the base of the box and the pipe was
carefully positioned on top of it. The pipe was located with its ends just free from the
plastic sheet interface the back and front sides of the box to reduce the friction between
the end caps of the pipe and plexiglass. More sand was then pluviated until the final
height achieved the required pipe embedment ratio. After the sand was placed on top of
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the pipe, the pipe was released by loosening the connection to the rigid beam and the
pipe permitted to settle before starting of the pullout test. This procedure was performed
to accurately measure the mobilisation distance to peak uplift resistance. Sand was
placed in two states: loose and dense (relative densities range from about 10% to about
95%). Sand was poured by a small bucket and hose from a fixed 1m distance (from the
surface) into the chamber for creating loose sand samples. Dense sand samples were
poured in the same way, in layers of 100 mm and densified with a vibrator. Gravel was
placed into the test box in a similar manner by air pluviating them approximately 1 m
distance. It was not compacted or vibrated for the tests and was left at its natural
density. In situ dry densities of coarse and fine sand created during the pullout test
program were found by placing small aluminum density molds in various locations (at
least four points in the four corners of the test box) of the sand mass during test set up.
The molds had a diameter of 20 mm and height of 30 mm, resulting in a volume of
9420 mm3.

4.4.2 Glyben
Proportional percentages of glycerol and bentonite were blended together in a
laboratory mixer. The Glyben was prepared by kneading together small balls of
materials manually so there was no preferred orientation. Layers of Glyben were placed
in 5-8 cm heights and compacted with 5-10 blows per layer with a Proctor hammer until
the final elevation was reached. Care was applied to ensure minimal amounts of air
were trapped into the Glyben. A series of laboratory shear vane test were conducted
before each test and at different spots of the samples to confirm the shear strengths. The
results of shear vane tests showed that consistency existed throughout the samples. The
pipe was placed on top of the Glyben layer and pushed slightly to ensure the attachment
between Glyben and bottom of the pipe. Further Glyben was placed on top of the pipe
until it reached to its final embedment.
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4.5 Pullout Test Program
4.5.1 Glyben
A total of thirteen uplift tests were performed in homogeneous Glyben. The details of
the tests are shown in Table 4-1. A range of pullout tests were conducted on buried
pipelines in 50% homogeneous Glyben (stiffer clay) for both low compacted and high
compacted conditions. Another set of pullout tests were carried out in 52.5%
homogeneous Glyben (soft clay) which was compacted by hand. A typical buried
pipeline test is shown in Figure 4-9 with a pipe diameter D and embedment depth,
measured to the center of the pipe (H+D/2). Pipe pullout tests were conducted on
various embedment ratios from shallow to deep ((H+D/2)/D=0.5 to (H+D/2)/D=7.8).
Table 4-3 gives a summary of the details and ultimate uplift resistance of the pullout
uplift tests, including the density and undrained shear strength of the material.

4.5.2 Glyben-Fine Sand
In addition, a total of eleven tests were carried out in layered systems of Glyben and
fine sand backfill. The series of pullout tests conducted in the layered Glyben- fine sand
models is summarized in Table 4-2. Five of these tests were performed under a surface
overburden pressure of 5.6 kPa and six were performed under a surface overburden
pressure of 10.4 kPa. For the purpose of comparison, the total embedment ratio of pipe
was fixed at (H+D/2)/D=5.9 in all of the tests and variable thicknesses of the different
layers were investigated.
Figure 4-10 shows an illustration of the layered set up where the Glyben was placed
from the base level up to and above the pipe crown (HGlyben) and the box was then
backfilled with fine sand up to the final level (Hsand). A uniform overburden pressure
was then applied on top of the sand layer.
For ease of denoting of the tests in the text, a nomenclature has been defined. Letters
‘FS’ abbreviate fine sand, ‘CS’ abbreviates coarse sand and ‘GR’ abbreviates gravel.
The cover ratio from crown of the pipe to the soil surface (H/D) is added after, where a
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two digit of ‘54’ shows embedment ratio of H/D=5.4. Letters ‘OB’ or ‘O’ abbreviated
‘overburden pressure’ followed by two numbers (or zero) to indicate amount of
overburden where zero shows no overburden applied on the soil surface, ‘56’ indicate
an overburden of 5.6 kPa and ‘10’ indicates overburden of 10.4 kPa. Therefore a test
indicated by ‘FS54O56’ (Test 1) represents a pipe pullout test in fine sand where the
embedment ratio is (H/D= 5.4) and an overburden pressure of 5.6 kPa where applied on
the soil surface and ‘CS54OB0’ is abbreviating pipe pullout test in coarse sand where
the embedment ratio is (H/D=5.4) and no overburden applied on top of the soil.
Similarly Test 6 (FS54O10) is set but an overburden pressures were 10.4 kPa was
applied on the surface.
Letters ‘G’ abbreviate Glyben, added to the beginning of the tests abbreviation and the
cover ratio from crown of the pipe to the soil surface (H Glyben/D) is added after. The rest
of nomenclature is similar to what explained for homogeneous granular material.
Therefore in Test 2 (G0FS54O56) and Test 7 (G0FS54O10), Glyben was filled from
base level of box up to the pipe crown (HGlyben= 0D). Sand was further overlain on the
Glyben up to 178 mm above the TOP level (Hsand= 5.4D) thus (Htotal+ D/2)/D=5.9.
Overburden pressures of 5.6 kPa and 10.4 kPa were applied on the sand surface for Test
2 and Test 7 correspondingly.
In the same way, Test 3 (G1FS44O56), Test 8 (G1FS44O10), Test 4 (G2FS34O56),
Test 9 (G2FS34O10), Test 5 (G54O56) and Test 11 (G54O10) were carried out.

4.5.3 Glyben-Coarse Sand
A total of five tests were carried out in layered Glyben-coarse sand backfill. The series
of pullout tests in layered Glyben- coarse sand is in Table 4-2.
In Test 12 (CS54O10), homogeneous coarse sand was placed inside the box from
bottom level up to an embedment ratio of Hsand/D=5.4 and an overburden stress of 10.4
kPa. In Test 13 (G0CS54O10), Glyben was filled from base level up to the pipe crown
(HGlyben= 0D) and coarse sand was further overlain on top of the Glyben up to the total
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embedment ratio of (Htotal+D/2)/D=5.9 with an applied overburden pressure of 10.4
kPa.
In the same way, Test 14 (G1CS44O10), Test 15 (G2CS34O10) and Test 16
(G3CS24O10) were conducted (Figure 4-10).

4.5.4 Glyben-Gravel
Finally, a total of seventeen tests were carried out in layered Glyben- gravel backfill
(Figure 4-10). The series of the conducted tests are also summarized in Table 4-2.
In Test 17 (GR54OB0), Test 23 (GR54O56) and Test 29 (GR54O10) homogeneous
gravel was filled from the base level of the chamber up to 178 mm above TOP level and
surface overburden pressures of 5.6 kPa and 10.4 kPa were applied for Test 23 and Test
29 respectively.
In Test 18 (G0GR54OB0), Test 24 (G0GR54O56) and Test 30 (G0GR54O10), Glyben
was filled from base level of box up to the pipe crown (HGlyben= 0D). Gravel was further
overlain on the Glyben up to 178 mm above the TOP level (H gravel= 5.4D). No surface
overburden pressure was applied on gravel layer for test 18 whereas overburden
pressures of 5.6 kPa and 10.4 kPa were applied for Test 24 and Test 30
correspondingly.
In Test 19 (G1GR44OB0), Test 25 (G1GR44O56) and Test 31 (G1GR44O10), Glyben
was placed from the base level up to 33 mm above the pipe crown (H

Glyben=

1D). The

box was then backfilled by fine gravel up to 145 mm above top of the Glyben level
(Hgravel= 4.4 D). Overburden pressures of 5.6 kPa and 10.4 kPa were applied for Test 25
and Test 31 respectively while no overburden pressure was applied in Test 19.
In the same way Test 20 (G2GR34OB0), Test 26 (G2GR24O56) and Test 32
(G2GR34O10) were carried out with (HGlyben= 2D) and (Hgravel= 3.4 D) with various
surface overburden pressures.
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Test 27 (G3GR24O56) and Test 33 (G3GR24O10), were conducted with (HGlyben= 3D)
and (Hgravel= 2.4 D) and surface overburden pressures of 5.6 kPa and 10.4 kPa.
In Test 21 (G44GR1OB0) and Test 28 (G44GR1O56), Glyben was filled from base
level up to 145 mm above pipe crown (HGlyben=4.4 D) and (Hgravel= 1 D) and a surface
overburden pressure of 5.6 kPa was applied on gravel layer in Test 28.
In Test 22 (GR54OB0), homogeneous Glyben was placed inside the box from bottom
level up to the embedment ratio of (HGlyben+D/2)/D=5.9 with no surface overburden
pressure.
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4.6 Experimental Test Results and Discussion

4.6.1 Introduction
Quantification of the uplift behaviour of buried offshore pipelines with physical model
tests is addressed here. Model tests were conducted using the synthetic clay (Glyben),
sand and gravel, both in single homogeneous materials and in layered materials. The
resistance forces for vertical pipe pullout and the mobilisation distance for peak
resistance for varying model geometries and soil properties were investigated. The
effect of overburden was investigated and soil deformation observed with the Particle
Image Velocimetry (PIV) for various embedments and overburdens. The laboratory
pullout test results are compared with existing numerical and analytical studies, and the
results discussed. The influence of overburden is investigated and variation of loaddisplacement curve under different surface overburden pressure is observed. To
investigate the effect of grain size on load-displacement curve and peak pullout forces
and mobilisation distance, various granular sizes were used including fine sand, coarse
sand and gravel.

4.6.2 Pullout test results for Glyben
In this section, the load-displacement response of the pipe pullout test in soft and stiff
Glyben is investigated. The uplift resistant of the pipeline in homogeneous Glyben is
assumed to be an undrained phenomenon and the ultimate uplift resistance of the
homogeneous Glyben at various depths is one of the main interests of the present
investigation. The pullout forces for various soils, undrained shear strengths, adhesion
between pipe and Glyben and pipe embedments are presented and the loaddisplacement graphs obtained from pipeline pullout tests of soft clay (52.5% Glyben) in
various embedment ratios are shown in Figure 4-11. The embedment ratios varied from
a shallow case (h/D= (H+D/2)/D=0.5), where no clay was on top of the pipe crown, to
h/D=7.8 (deep case). The peak pullout resistance of homogeneous Glyben at h/D=0.5
embedment ratio was mobilised at a displacement of 20 mm and reached a value of 267
N. At an embedment ratio of h/D=5.9 the peak uplift resistance reached a maximum of
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534 N, with a mobilisation displacement of 46 mm and it remained constant for deeper
embedment ratios. The uplift resistance of the clay can be represented with a
dimensionless uplift resistance factor, Np= (Wu/ (D Cu)), where Wu is the uplift force,
Cu is the undrained shear strength and D is the pipe diameter. The dimensionless
displacement can be determined as /D, where  is the pipe displacement and D is the
pipe diameter. Figure 4-12 shows representative curves of Np versus /D for shallow,
intermediate and deep embedments (h/D=0.5 to 7.8) in soft clay (52.5% homogeneous
Glyben). The value of the uplift resistance factor is 6.00 at an embedment ratio of
h/D=0.5 (shallow embedment) and increases to a value of 11.95 at an embedment ratio
of h/D=5.9 (deep embedment) and remains constant for deeper ratios. The normalised
uplift force or uplift factor Np (= Wu/Cu D) as a function of normalised embedment ratio
(h/D) obtained from pipeline pullout test of soft Glyben is shown in Figure 4-13 and the
results can be compared to finite element analyses of fully bonded pipes and plate
anchors in a weightless soil and finite element analyses of Rowe and Davis (1982) for a
bonded horizontal plate anchor. The finite element analysis failure loads were obtained
from /D=0.2 and the K4 criterion, which corresponds to an apparent stiffness of one
quarter of the elastic stiffness (Rowe and Davis, 1982). For the pipeline, the value of Np
form finite element analysis, at zero embedment (h/D= 0) is 5.54 [pipeline buried to
D/2] and this increases to a value of 12.11 for an embedment ratio of (h/D= 4) and
remains constant for deeper embedment ratios. For the experimental test in soft Glyben
(52.5% Glyben), Np at zero embedment is extrapolated to a value of 5.0 and this rises to
a value of 12.0 for an embedment of (h/D=5.9) and remains constant for deeper
embedment ratios. The critical depth for transition from shallow to the deep mechanism
occurs at an embedment ratio of approximately 4 for the finite element analysis and at
an embedment ratio of approximately 5.0 for the experimental tests in soft Glyben.
These results can also be compared with the upper bound plasticity solution derived by
Randolph and Houlsby (1984), which suggests 11.94 for a fully bonded circular pile
(deep condition) and the results from an upper and lower bound plasticity solutions
derived by Murff et al. (1989), which suggest a lower bound of 5.4 and an upper bound
of 5.92 for a rough pipeline at zero embedment. The uplift factors for vertical pull out
(Na=Wu/(Cu.B)) of a horizontal, rough and fully bonded plate anchor (Rowe and Davis,
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1982) are also shown in Figure 4-13. The uplift factor starts from 5.14 at zero
embedment ratios. The critical depth for transition from shallow to the deep mode
occurs at an embedment ratio (H/B) of approximately 2.5 to 3 and remains constant for
deeper ratios, with a value of 11.59, compared to 11.42 by Rowe (1978) from an upper
bound plasticity solution.
These comparisons of the finite element analyses and analytical solutions in the
literature with experimental pullout tests results, show reasonable consistency between
them, although the experimental test results tend to be lower, with about 8% smaller
pullout capacity for the shallow cases, and the transition depth is slightly deeper than
that from numerical and analytical solutions.
The load-displacement responses of pullout test of stiff Glyben (50% Glyben) are
shown in Appendix B. Figure B- 1 shows the load-displacement response of the pipe
pullout tests for 50% Glyben at various embedments. Normalised force versus
normalised embedment depth of 50% Glyben is compared with the finite element
Analysis results for pipe (Deljoui and Newson, 2006) and anchor pullout (Yu, 2000 and
Rowe et al., 1984) with the immediate breakaway condition and the results are shown in
Figure B- 2.

4.6.3 Pullout test results for layered backfill
A typical load–displacement graph of pullout test in layered backfill is shown in Figure
4-14. The curve has two local maxima and three points can be identified as follows: the
first maxima (1, F1) relates to the mobilisation of clay (Glyben) strength. The second
point (2, F1) marks the end of clay influence, where the load starts to increase again (at
2) while the uplift resistance remains at F1. The third Maxima (3, F2) corresponds to
the peak force at a mobilised displacement of 3.
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4.6.3.1 Pullout test results in layered Glyben-fine sand

The pipe pullout tests results for the layered Glyben-sand are summarized in Table 4-4
and plots of the load- displacement response of the Glyben-fine sand layered backfill
under overburden pressures of 5.6 kPa and 10.4 kPa are shown in Figure 4-15 and
Figure 4-16 respectively. It should be noted that not all the results have the loaddisplacement results similar to typical load-displacement results shown in Figure 4-14.
Test 2 and Test 7 (G0FS54O56 and G0FS54O10) showed a sharp increase in uplift
forces where the maximum pullout resistance is mobilised quickly and reaches values of
925 N and 1281 N under overburden pressures of 5.6 kPa and 10.4 kPa respectively.
The maximum pullout resistance of Test 3 and Test 8 (G1FS44O56 and G1FS44O10)
where the applied overburden pressures were 5.6 kPa and 10.4 kPa correspondingly
reach values of 890 N and 1050 N for displacements of 48 mm and 45 mm. In Test 4
and Test 9 (G2FS34O56 and G2FS34O10), the peak uplift resistance of 845 N and 1045
N was recorded under overburden pressures of 5.6 kPa and 10.4 kPa respectively and
the maximum pullout resistance in these tests occurred at 70 mm and 76 mm
displacement. In Test 10 (G3FS24O56 and G3FS24O10), maximum uplift resistance of
765 N was recorded under an overburden pressure of 10.4 kPa, which was mobilised at
60 mm displacement. The full clay (Glyben) strength was mobilised at a displacement
of 12 mm and reached 616 N. The load-displacement curves are also compared to the
values for homogeneous sand and homogeneous Glyben at the same total embedment
ratio ((Htotal + D/2)/D= 5.9) and similar overburden pressure in these plots.
Generally the graphs show higher uplift resistance is reached with increasing
overburden pressure while the mobilisation distance to peak load is reduced with
increasing overburden pressure. The overburden pressure doesn’t have any influence on
the homogeneous Glyben case. With increasing Glyben thickness, peak load reduces
(Figure 4-15 and Figure 4-16) and displacement at the peak increases. Interestingly, the
maximum peak load occurs when the Glyben is placed at the top of the pipe (HGlyben=0).
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4.6.3.2 Pullout test results for layered Glyben-coarse sand

The results of the pipeline pullout tests in layered Glyben-coarse sand are illustrated in
Table 4-4. A plot of load-displacement response of the Glyben-coarse sand backfill
under an overburden pressure of 10.4 kPa is also shown in Figure 4-17. Test 13
(G0CS54O10) demonstrates that the maximum pullout resistance mobilised quickly and
reaches a peak value of 1401 N for a displacement of 21 mm. In Test 14 (G1CS44O10),
the Glyben strength was mobilised at 28 mm and reaches 690 N, where the load
increases again after 45 mm and reaches the peak uplift resistance of 1036 N after a
displacement of 64 mm. In Test 15 (G2CS34O10), the full Glyben strength was
mobilised at 25 mm and reaches 620 N; the load peaks again at 53 mm, where it reaches
a peak uplift resistance of 939 N at a mobilised displacement of 80 mm. In Test 16
(G3CS24O10), the Glyben strength is mobilised at 25 mm and reaches a peak of 690 N,
the load starts increasing again at 84 mm and the peak uplift resistance is reached at a
value of 805 N for a displacement of 111 mm. For the purpose of comparison, the loaddisplacement curves of homogeneous sand and homogeneous Glyben at an embedment
ratio of (Htotal+D/2)/D= 5.9 and under an overburden pressure of 10.4 kPa are also
shown in Figure 4-17.
Similar to the pullout tests in Glyben-fine sand layered material, higher uplift resistance
is reached with increasing overburden pressure. Also, the peak load increases with a
reduction of the Glyben thickness (Figure 4-17) and the maximum peak load occurs
when Glyben is placed up to the top of the pipe (G0CS54O10). Comparing the loaddisplacement responses of layered materials show the peak uplift resistance in Glybencoarse sand is higher than in Glyben-fine sand, with the same thicknesses of Glyben and
sand layers, and under the same overburden pressures. Although, the mobilisation
distance of the peak uplift resistance in Glyben-coarse sand is larger than the
mobilisation distance of the peak uplift resistance in Glyben-fine sand.
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4.6.3.3 Pullout test results for layered Glyben-gravel

Table 4-4 summarizes the results of the pullout tests in layered Glyben-gravel backfill
and Figure 4-18 shows a plot of load- displacement response of the Glyben-gravel
layers. Test 18 (G0GR54OB0) shows that the maximum pullout resistance is mobilised
at 23 mm and reaches a peak value of 556 N. The peak uplift resistance of Test 19
(G1CS44OB0), Test 20 (G2GR34OB0), and Test 21 (G44GR1OB0) reaches
approximately the same value of 540 N at a displacement of about 45 mm. The post
peak responses of these tests diverge and the rate of apparent softening is greater for
shallower Glyben embedment. The load-displacement curves are also compared to the
homogeneous gravel and homogeneous Glyben tests with the same total embedment
depth in Figure 4-18. Test 24 and Test 30 (G0GR54O56 and G0GR54O10) show a
sharp increase in uplift forces where the maximum pullout resistance mobilised quickly
and reaches values of 1263 N and 1779 N under overburden pressures of 5.6 kPa and
10.4 kPa respectively. The maximum pullout resistance of Test 25 and Test 31
(G1GR44O56 and G1GR44O10) reached to values of 1205 N and 1450 N for
displacements of 53 mm and 63 mm, under overburden pressures of 5.6 kPa and 10.4
kPa respectively. The full Glyben strength is mobilised at 10 mm and reaches 600 N in
Test 25, whereas it is mobilised at 14 mm and reaches 570 N in Test 31. In Test 26
(G2GR34O56), the full Glyben strength is mobilised at 18 mm and reaches 598 N and
then increases up again at 48 mm and reach an uplift resistance of 979 N at 88 mm of
displacement under overburden pressures of 5.6 kPa. In Test 32 (G2GR34O56), the full
Glyben strength is mobilised at 18 mm and reaches 570 N and then increases again at
47 mm and reaches an uplift resistance of 1361 N at 84 mm displacement under an
overburden pressure of 10.4 kPa. In Tests 27 (G3GR24O56), full Glyben strength is
mobilised at 30 mm and reaches 610 N; it increases load again at 78 mm and reaches a
maximum uplift force of 792 N at a displacement of 115 mm, under an overburden
pressure of 5.6 kPa. In Test 33 (G3GR24O10), the full Glyben strength is mobilised at
20 mm and reaches 570 N and then increases again to 84 mm and finally reaches a
maximum uplift force of 1170 N at 130 mm displacement under an overburden pressure
of 10.4kPa. The results of the load-displacement response of Test 28 (G44GR1O56)
shows that the peak uplift force was mobilised at 38 mm and reaches a value of 587 N
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under an overburden pressure of 5.6 kPa. The load-displacement curves are also
compared to the values of homogeneous gravel and homogeneous Glyben at the same
total embedment ratio ((Htotal+ D/2)/D= 5.9) under similar overburden pressures in these
figures.
Similar to the Glyben-fine sand and Glyben-coarse sand models, higher uplift resistance
is reached with increasing overburden pressure (Figure 4-21 to Figure 4-24). With
increasing Glyben thickness, peak uplift resistance reduces and displacement at peak
increases (Figure 4-18 to Figure 4-20). Also, the peak load increases with a reduction of
the Glyben thickness and maximum peak load occurs when Glyben is placed up to the
top of the pipe crown, for (G0GR54O10) and (G0GR54O56). Comparing the loaddisplacement responses of layered materials show the peak uplift resistance in Glybengravel is higher than in Glyben-fine/coarse sand, with the same thicknesses of Glyben
and sand/gravel layers, and under the same overburden pressures. However, the
mobilisation distance of the peak uplift resistance in Glyben-gravel is larger than the
mobilisation distance of the peak uplift resistance in Glyben-fine/coarse sand.
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4.7 Interpretation of the Pullout Test Result
Based on observations made during the test program, understanding the relationship
between the material state, layer thickness and initial pipe position are important, since
these appear to govern the mobilisation distance and peak uplift forces.
A number of studies of penetrometer response in thinly layered soils (e.g. CPT) have
determined that the penetrometer is influenced by the presence of weaker / stronger
layers prior to the interface interaction. As mentioned earlier, a factor is introduced for
correcting the effect of a thin layer of dense sand on a CPT test, since the full tip
resistance may not be reached for a dense thin layer of sand embedded in soft clay. The
CPT results can misinterpret this thin layer as loose sand. Vreugdenhil et al. (1994) used
a simplified elastic solution to estimate thick layer equivalent cone penetration
resistance for thin stiff layers embedded in soft clay. They showed that the error is a
function of the thickness of the layer and the ratio of the stiffness of the layer to the
stiffness of the surrounding soil. This ratio can be reflected by the change in cone
resistance in the soft soil (qcB) to the stiff soil (qcA). The correction is only applied to the
thin layer. A similar approach can be taken with the pipe uplift responses, as described
in the text below.
We can define the uplift resistance in the weak and strong layers (Glyben and granular
material respectively) as qcB and qcA. The uplift resistance increases with increasing
granular material thickness until it reaches the maximum value for a homogeneous
granular material, which we will define as qc*. Figure 4-37 illustrates these parameters
on a model load-displacement graph. Robertson and Fear (1995) suggested the
following relationship between qc* and qcA for cone resistance penetrating a layered
material:
qc*=KH . qcA
Where, KH is a correction factor and a function of the ratio of the layered thickness to
cone diameter. Robertson and Fear (1995) proposed a conservative correction of
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qcA/qcB=2. Further analysis of field data by Robertson et al. (1997) showed that the
factor 2 was too large. Youd et al. (2001) suggested that a lower range of field data
provided more appropriate values of KH and proposed the following equation
KH=0.25((H/dc)/17-1.77)2+1.0 for this test data (where dc is the diameter of the cone,
and H is the layer thickness). Ahmadi and Robertson (2005) performed a numerical
study and showed the cone tip resistance is a function of the sand relative density,
effective in situ stresses and sand layer thickness.
Figure 4-38 shows a graph of KH against H*/D for the layered pipeline pullout tests,
where H* is the equivalent cover thickness considering the effect of overburden. Also
on the graph, the Youd et al. (2001) lower bound relationship for KH based on the field
data is shown. The lower bound shows a reasonable agreement with the layered pullout
experiments and it may be used as a basis for design for calculating qcA or the uplift
resistance in a granular layer. The maximum and minimum values of KH are limited
between 1 and 1.5, based on the Youd et al. field observations. It should be noted that in
the pipe pullout layered tests, KH values less than one were observed, which
corresponds to tests where the uplift resistance of the Glyben-granular layer exceeds the
uplift resistance of the homogeneous granular material. This situation is valid
specifically when the pipe is buried up to its crown only in Glyben and overlaid with
granular material. Another case leading to KH less than one is where the granular layer
provides lower uplift resistance either because of a lower relative density or overburden
pressure.
From Figure 4-38 and the Youd et al. (2001) lower bound equation, it is apparent that as
the equivalent embedment ratio increases, KH reduces, or in another words, the qcA
increases, which is favourable for design. Once H*/D becomes larger than 20, KH
reduces to one.
We can also define a resistance ratio or normalised load () (Xu et al., 2008) where the
uplift resistance (in the clay or granular material) to the peak resistance in the
homogeneous granular material layer and (Z) is the distance from the interface of the
two layers to the top of the pipe during the pullout test. The normalised location of the
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interface to the original pipe location is defined as Zo/D. Figure 4-27 shows the
definition of the influence zones on a resistance ratio-normalised depth graph. The
normalised zone of influence in the weaker layer (Zw/D) is defined as the Z/D value
when () begins to increase in the weak layer and the normalised zone of influence in
the stronger layer (Zs/D) is defined as the Z/D value when () continues to increase in
the stronger layer and reaches the final peak. The results of the normalised load ()
against normalised depth (Z/D) are shown in Figure 4-28 to Figure 4-36. The results
show differences in the mobilisation distance for the second load increase and the ratio
of the final uplift loads. The variations of () with (Z/D) appear to be influenced by
differences in the layer strength, stiffness, overburden pressure and grain size. The uplift
normalised load increases prior to reaching the interface between the Glyben and
granular layer, and the maximum value occurs after it passes the interface (Figure 4-28
to Figure 4-36) by about half a pipe diameter into the granular material. Similar to what
was observed in the previous section, the peak normalised load increases with a
reduction of the Glyben thickness and maximum peak normalised load occurs when the
Glyben is placed up to the top of the pipe crown.
The normalised load may increase from unity, which corresponds to an uplift resistance
larger than the peak resistance in the homogeneous granular material layer. This may
occur when the Glyben is placed up to the top of the pipe crown or when the peak
resistance in granular layer is loose or a lesser overburden pressure was applied to the
layered material. With increasing Glyben layer thickness, the displacement to the
second peak increases and does not contribute to the maximum uplift resistance of the
layered system. Therefore, reduction in the embedment in the clay layer together with
increasing the granular layer thickness (rock fill or berm) results in a higher uplift
resistance at a smaller mobilisation distance.
The relationship between the influence zone in the strong layers (Zs/D) against
normalised location of interface layer (Zo/D) is shown in Figure 4-39. The magnitude of
the influence zone in the strong layer (Zs/D) is essentially constant between 0.25 and 0.5
with a magnitude of Zs/D=0.4. This suggests independence of the normalised influence
zone in the stronger layer from the original location of the interface. The maximum
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uncertainties for the performed tests have been calculated using partial derivative
method (Appendix E) and these errors are of the order of 1.8E-3 for Zs/D and 5E-2 for
H/D.
The relationship between normalised influence zone in weak layer (Zw/D) against ratio
of the uplift resistance in strong layer to the weak layer (qcA/qcB) is presented in Figure
4-40 and can be defined with (Zw/D=-0.3492(qcA/qcB)+1.2852). This shows that with
increasing stiffness of the strong layer in comparison to the weak layer, the influence on
the mobilisation of the second peak from the weak layer will reduce. The influence zone
of the weak layer is similar to that which Xu et al. (2008) found, showing an
approximately linear relationship for (qcA/qcB). This linear relationship has good
agreement with the pullout tests and may also be used as a basis for design for
calculating the influence zones of the weak layer in layered material. Again the
maximum uncertainties for the performed tests have been calculated with the partial
derivative method (Appendix E). These errors are of the order of 8.2E-5 for (qcA/qcB)
and 1.8E-3 for Zw/D. The normalised influence zone of the stronger layer against
(qcA/qcB) is seen to remain essentially constant between 0.25 and 0.5 in the various tests
conducted (Figure 4-41).
The relationship between normalised influence zone in the strong layer (Zs/D) and
normalized grain size (d50/D) is shown in Figure 4-42, which can be represented by a
constant value of Zs/D=0.4. It again shows that the independence of normalised
influence zone in the strong layer (between 0.25 and 0.5 in the various tests) and the
grain size. The relationship between the ratio of the uplift resistance in the strong layer
to the weak layer (qcA/qcB) against normalized grain size (d50/D) can be expressed with a
logarithmic relationship (qcA/qcB=0.2603 ln(d50/D)+2.8967) as shown in Figure 4-43.
This shows that with increasing grain size of the granular material, the ratio of the uplift
resistance in the strong layer to the weak layer will increase. This may also be used as
an alternative method for basing design for layered soils. The maximum uncertainties
for the performed tests are of the order of 1.5E-2 for (d50/D).
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These graphs can provide useful information for predicting any missing parameters for
the design of pipe pullout through layered soils. A design procedure can be established
with the aid of these missing parameters, which will be discussed in detail later in this
chapter. For practical applications, the thickness of the layers can be designed and if the
trench backfill layers do not develop the full uplift capacity, the optimum additional
rock fill or berm thickness can be calculated to maximize uplift resistance at the lowest
cost.
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4.8 Soil Deformation Measurement Using Particle Image
Velocimetry

4.8.1 Introduction
A number of different approaches have been used to visualize soil deformations in soil
models e.g. X-rays (Philips, 1991) and stereo-photogrammetry (Andrews and
Batterfield, 1973). These methods utilize different forms of artificial target such as lead
shot or screw heads. It has been found that markers can lead to problems with
resolution, observing the image and interface issues (White et al., 2003). Cheuk et al.
(2008) described the PIV technique as “a measurement technique that was initially
developed for experimental fluid mechanics to bring instantaneous velocity fields from
seeded flow photographs under observation. PIV calculates the instantaneous velocity
or displacement field between a pair of images by sectoring the primary image into a
mesh of interrogation patches, which are efficiently square regions of pixels whose
brightness allocation differentiates the soil at that point. Each of these interrogation
squares then correlated with a larger search patch from a subsequent image to calculate
the displacement (White et al., 2003)”. This method has the advantage that it can be
used by study imaging only and not relying on artificial targets. The displacement of the
interrogation patches can be divulged by indicating the best match between the
interrogation and search patches with correlation between the maximum peaks in the
normalised correlation plane (Cheuk et al., 2008). The PIV precision is reliant on the
size of the interrogation patch and the accuracy is generally about 1/20th of a pixel in the
geotechnical problems (White et al., 2005). This technique was employed to study the
displacement field and soil failure mechanism around the pipeline during pullout
testing. PIV relies on basic pattern matching and for measuring the motion of the soil
material, some traces were added to the soil particles and pictures were taken. MatPIV
subroutine by Sveen (2004) has been subsequently used for pattern matching. This
software divides two subsequent images into smaller regions (interrogation patches) and
compares each sub window denoted by Ii,j1 and Ii,j2 correspondingly(Sveen, 2004). To
identify displacement of the pattern in Ii,j1the squared Euclidean distance between the
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two sub-windows is calculated therefore for every likely overlap of the sub windows,
the sum of the squared difference between them is calculated and as a result, the “least
unlike” location of the sub windows are found (Sveen, 2004). The core file (matpiv.m)
acts as a batch file which the different calculation files are called from and an example
of MatPIV calling is shown by Sveen (2004):
[x,y,u,v]=matpiv

(image1,

image2,

windowsize,

Dt,

WinOverlap,

Method,

worldcoordfile, maskfile)
Where image1 and image2 are two matrices containing preloaded images.
“Windowsize” denotes the sub windows size. “Dt” is the time interval between the
exposure of image1 and image2; “WinOverlap” indicates the interrogation patches
overlap; “Method” could be selected as “single” which executes PIV calculation with a
single iteration thorough the images or “multi” carries out PIV calculation with three
iterations through the images; “Multin” carries out PIV calculation with “n” iteration
through images (Sveen, 2004) and this method has been adopted in current research.
“Worldcoordfile” is the file containing the mapping between pixels (camera
coordinates) to centimeters (world coordinates) and “maskfile” is the file controlling the
regions in the images that calculation is not carried out (Sveen, 2004). After the
calculation has been completed, the velocity data should be filtered to remove outlier
vectors, which can be done with different filters e.g. “Signal-To-Noise ratio filters”,
“Peak height filters”, “global filters” and “local filters”(Sveen, 2004). In this study the
first method (Signal-To-Noise ratio filters) has been used.

4.8.2 PIV Test Arrangement
The applied pullout rate for all tests was 0.28 mm/s and digital images of the pullout
were captured at time intervals of 1.4 to 1.8 sec with a 10 mega pixel resolution using a
Canon Power shot G7 digital camera. PIV analyses were conducted on the tests
described previously; however issues with soil getting trapped at the end of the pipe
caused disturbed image and other problems. Hence further tests were conducted with
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the pipe being placed with its end caps in contact with the front and back plexiglass
faces while an “O” ring filled the gap between cap and plexiglass. This was found to
considerably improve the PIV imaging, although these tests could not be used for loaddisplacement results due to additional resistance from the “O” rings. There is a
boundary effect resulted from frictions between sand particles and Plexiglass which is
similar to or slightly lower than the frictions between sand particles themselves.

4.9 Particle Image Velocimetry Test Results and Discussion
4.9.1 Deformation mechanisms
4.9.1.1 Glyben

Various stages of the vertical upward movement of the pipe at an embedment ratio of
(H+D/2)/D=5.9 and under an overburden pressure of 10.4 kPa are shown in Figure 4-45
to Figure 4-47. The Randolph and Houlsby (1984) flow around mechanism is also
shown on displacement field results of PIV analysis for comparison. The vectors in the
figures show the incremental displacements between two successive images under
consideration. The results of the PIV displacement field analyses are shown in imagespace (pixel) coordinates. The various phases of pipe pullout in homogeneous Glyben
and different identified mechanisms are shown on Figure 4-44. The first mechanism (A)
is identified at a normalised pipe movement of /D= 0.02, where the compressive
stresses in soil above the pipe increase but the principal axis appear not to rotate. The
result of displacement vectors is shown in Figure 4-45. This mechanism may be referred
to as a “compression mechanism” [Schupp et al. (2006)]. In the next phase, (B) a flow
around mechanism is initiated at a normalised pipe movement of /D= 0.1 and rotation
of principal axes are observed. Soil movement is localized and displacement does not
extend to the surface. Figure 4-46 shows the displacement vectors of this stage. Figure
4-47 shows the displacement vectors at a normalised displacement of /D= 0.5 where
the peak uplift resistance is reached. Fully flow around mechanism is observed with a
soil contained around the pipe and the principal axes around the pipe are rotated.
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4.9.1.2 Glyben-Sand

Figure 4-49 to Figure 4-54 show a range of evolving mechanisms for the pipe in
Glyben-fine sand layered backfill where the initial embedment ratio of pipe in the
Glyben was HGlyben=1D and depth of fine sand overlay was Hsand=4.4D. An overburden
pressure of 10.4 kPa was applied on the sand surface. Displacement fields calculated for
these cases are also illustrated on these figures. Various phases of pipe displacementforce relationship and the locations of the different identified mechanisms are shown in
Figure 4-48. Compression response at very low /D (=0.02) is identified (OA) which is
localized. The result of displacement vectors of this stage is shown in Figure 4-49. In
the next stage, a flow around mechanism is initiated at a normalised pipe movement of
/D= 0.1 and rotation of principal axes is observed (B in Figure 4-48). Soil movement is
localized and displacement is not extended to the interface. Figure 4-50 shows
displacement vectors of this stage.
Figure 4-51 shows the displacement vectors at normalised displacement of /D=0.5
where the flow around mechanism widens as it get closer to the interface (C in Figure
4-48). Extended flow around mechanism is observed at this stage with a soil contained
around the pipe in Glyben layer. At /D=1.12 when top of the pipe and the contained
soil around the pipe touches the interface between two layers (E in Figure 4-48), sand
above the flow mechanism starts to compress and a wedge mechanism similar to the
White mechanism develops (Figure 4-52). Compression of sand and developing of the
wedge mechanism continues as the pipe progress into the sand layer. Development of
broader sand mechanism is observed in next stages of pipe movement in sand layer
where wedge mechanism becomes wider (K in Figure 4-48). Displacement vectors at
this stage are shown in Figure 4-53.Due to the noise at data analysis some part of the
mechanism at the right side of the figure is removed so the mechanism looks like it is
skewed to the left which is not the case. At /D=2.62 (point M), flow around
mechanism in sand similar to Schupp (2006) and Cheuk (2008) observed combined
with a narrow wedge above it (Figure 4-54).
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Various phases of the vertical movement of the pipe are shown in Figure 4-55 and
corresponding displacement field in Glyben-coarse sand is shown in Figure 4-56. In
these tests Glyben is filled up to pipe crown level (H

Glyben=0D)

and coarse sand is

overlain on top the Glyben to the final embedment ratio of (Htotal+D/2)/D=5.9. An
overburden ratio of 10.4 kPa is applied on the sand surface. At very low (/D= 0.02)
much localized compression response, identified (point A). The result of displacement
vector of this stage is shown in Figure 4-56. In next stage (/D = 0.1), some
compression and some lateral spreading observed (point B). Displacement vector of this
stage is shown in Figure 4-57. In next stage (point C), something similar to reverse
bearing capacity mechanism observed. This mechanism and displacement vector can be
seen in Figure 4-58. In next stage (point E) flow around mechanism combined with
narrow edge. The Displacement vector is shown in Figure 4-59.

4.9.1.3 Glyben-Gravel

Various stages of the vertical upward movement of the pipe in Glyben-gravel backfill
are shown in Figure 4-60 and the corresponding displacement fields in Glyben-gravel
are shown in Figure 4-61 to Figure 4-68. The initial embedment of pipe in Glyben was
HGlyben=1D and depth of gravel overlay was Hgravel=4.4D. An overburden pressure of
10.4 kPa was applied on the gravel surface. Displacement field calculated for these
tests are also shown on these figures. At first stage of pipe movement at very low value
of (/D=0.02), compression response identified (point A) which is much localized. The
result of displacement vectors of this stage is shown in Figure 4-61. In Figure 4-62,
displacement vectors at normalised displacement of /D=0.5 is shown. Extend of flow
around mechanism broaden at this stage as it get closer to interface (point D). At
normalised displacement of /D=1.02, flow around mechanism breaks into gravel layer
and gravel starts to compress and a wedge mechanism develops (Figure 4-63). This
mechanism is identified in Figure 4-60 as the elbow of load-displacement curve where
the load peaks up (point F). This mechanism is grown in next stage as pipe progress into
gravel layer (point I). Displacement vector is shown in Figure 4-64. The peak uplift
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resistance occurs after this stage when pipe half the way through Glyben-gravel
interface.
Figure 4-66 to Figure 4-68 show a range of uplift progress of the pipe in Glyben-gravel
layered backfill where the initial embedment ratio of pipe in Glyben is HGlyben=3D and
depth of gravel overlay was Hgravel=2.4D. An overburden pressure of 10.4 kPa was
applied on the gravel surface. At first stage of pipe movement a compression response
identified (point A in Figure 4-65) which is much localized. The results of displacement
vector of this stage are shown in Figure 4-66. In the next stage, flow around mechanism
widen as the pipe progress in Glyben at normalised pipe movement of /D=0.5 (point
C). Extended flow around mechanism is observed at this stage with a soil contained
around the pipe in Glyben layer (Figure 4-67).
Compression and generation of displacement field in gravel occurs as the pipe progress
in Glyben layer even before it reaches to the interface with upper layer when /D=2.56
(point H). The result of displacement vector of this stage is shown in Figure 4-68.
Development of broader mechanism in gravel happens as the pipe moves further in
Glyben.

4.10

Proposed Layered Soil Design Procedure

Pipe pullout tests were performed for two layer soils composed of different materials:
Glyben and granular material. It was shown that the interface influence distance in the
weak soil varies depending on the initial embedment depth of the pipe in the weak
layer, ratio of uplift resistance in strong layer to the weak layer (or difference in the
strength and stiffness between the layers) and grain size of the granular material. The
most convincing relationship was found to be the ratio of the uplift resistance in the
strong layer to weak layer. The interface influence distance in a strong layer is
essentially constant and did not vary too much. The results show that with uplift, the
pipe can sense the interface from a range of about 1D to 0.2D before the interface and
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the uplift resistance peaks in the granular layer in a range of 0.25D to 0.5D passed the
interface.
The full uplift resistance may not be reached in the granular layer, depending on its
thickness. A correction factor was defined as the ratio of the uplift resistance of granular
layer in layered backfill to the homogeneous granular layer. The field observations of
Youd et al. (2001) support the trends of the uplift test observations and the lower bound
correction curve that was found can be used for calculating the uplift resistance in
layered soil.
For design purposes, prediction of the peak points of a typical load-displacement curve
(Figure 4-14) for a two layered material (clay and granular) is necessary. There are
currently no recommendations in the literature that address this issue. The following
section provides a proposed design method based on the findings in this chapter.
From Figure 4-14, the key load-displacement points that need to be calculated are (F1,
1), (F1, 2) and (F2, 3). Figure 4-37 shows two layer resistance parameters that are
comparable with those in Figure 4-14; these uplift resistances are qcA= F2 and qcB=F1.

1) qcB (or F1) is the uplift resistance in the homogeneous clay, which can be
calculated from knowledge of uplift factor, diameter of the pipe and undrained
shear strength of the clay material:

q cB  c u . N P . D

(4-1)

where Np is the uplift factor. Figure 4-13 shows the variation of the uplift factor
as a function of a normalised embedment ratio from the experimental and
numerical results. A comprehensive study of the uplift factor is presented in
Chapter 5 and the design equations provided for predicting the uplift factor as a
function of roughness and embedment ratios. For a rough fully bonded
condition, the design equations are:
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h
h
h
N *po  0.0193( ) 3  0.4443( ) 2  3.0872( )  5.6627
D
D
D

(4-2)

For an immediate breakaway (vented) condition, the design relationship is:
h
h
h
N po  0.0155( ) 3  0.3462( ) 2  2.5172( )  0.0761
D
D
D

(4-3)

The effect of self-weight on the uplift factor is addressed with a linear increase
of uplift factor with increasing H/Cu until it reaches the uplift factor of the fully
attached condition


sh * 
, N po 
N p  min  N po 
Cu



(4-4)

where, ‘s’ is a coefficient for the effect of overburden and is about 0.9 for most
cases.

2) The uplift resistance in homogeneous granular material (q*c) can be calculated
from the White et al. (2001) model, which is explained and studied in Chapter 3.
The peak uplift load is expressed by:

  tan )(1  K 0 )  (1  K 0 ) cos 2  / 2
qC*   ' hD   ' h 2 tan   ' h 2 (tan max
(4-5)
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where K0 is the earth pressure coefficient at rest of the soil, ′max is the peak
friction angle of the soil and  is the dilation angle and can be assessed from
relative density of the sand, the stress level, relative density and particle
characteristics using the Bolton (1986) method.
3) The uplift resistance in the granular material (strong layer) is defined as qcA (=
F2) and can be calculated from the Robertson and Fear (1995) relationship
between q*c and qcA :

q cA

q *c

KH

(4-6)

where, KH is a correction factor and a function of the ratio of the upper layer
thickness to the pipe diameter. The lower bound equation for KH is based on
field observations reported by Youd et al. (2001) as:

 H / D 

K H  0.25 g
 1.77  1.0
 17

2

(4-7)

where, D is diameter and Hg is the granular layer thickness.
As an alternative, qcA can be calculated with the relationship between qcA/ qcB
and d50/D in Figure 4-43, where the relationship is defined as:

q cA
d 50
 0 . 2603 ln(
)  2 . 8967
q cB
D

(4-8)
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and, d50 is the median grain size and D is the pipe diameter.
4) The peak mobilisation distance in the clay layer (1) for deep embedment or
under overburden pressure was found to be approximately (1D) for the fully
attached case and (0.2D) for the immediate case, where D is the pipe diameter.
5) Based on observations during the experimental tests and also Figure 4-39 and
Figure 4-41, the zone of normalised influence in the strong layer (Zs/D) is
independent of other parameters and can be found from:

Z s  0 .4 D

(4-9)

6) Figure 4-40 shows the relationship between normalised influence zone in the
weak layer (Zw/D) and the ratio of uplift resistance in the strong layer to weak
layer (qcA/qcB):

Z

q
w  0.3492( cA )  1.2852
D
q
cB

(4-10)

from which Zw can be calculated.
7) The peak mobilisation distances (1,2 and 3) are shown in Figure 4-14 and
are compared to the zone of influence in the strong layer (Zs), zone of influence
in weak layer (Zw) and location of interface to the original pipe location (Z0) in
Figure 4-27. Therefore 3 can be written as:

 3  Z0  Zs

(4-11)
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and

 2   3  (Z w  Z s )

(4-12)

Therefore all three points and the two maxima can be identified for design.

Design Examples
As examples of the aforementioned procedures, tests G2CS34O10 and SINT-2 have
been predicted using these methods. These tests were not included in the data set used
during the process of curve fitting of the equations in order to act as an independent
check.

(a) Design Example-1
Glyben (clay) was placed from the base level up to an embedment ratio of HGlyben=2D
and coarse sand was overlain on top of the Glyben up to the total embedment ratio of
(Htotal+D/2)/D=5.9 with an applied overburden pressure of 10.4 kPa (Figure 4-10). The
length of the pipe is 400 mm and the diameter of pipe is 33 mm. The three points of the
graph are required (F1, 1), (F1, 2) and (F2, 3).
1) The uplift resistance in homogeneous Glyben (clay) can be calculated with
equation (4-1), where Np is calculated with equation (4-2).
Hence, Np=12.37

→

qCB=604 N
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2) The uplift resistance in a homogeneous coarse sand (q*c) can be calculated from
equation (4-5), the result is:

q*c=1574 *0.4= 948 N
3) The uplift resistance in granular material of a layered test (qCA) can be calculated
from equation (4-6) where, KH is a correction factor and calculated from
equation (4-7), and using equivalent embedment ratio:

H*/D=23.02

→

KH = 1.04

qCA=911 N
or alternatively qCA can be calculated from equation (4-8):
d50 = 0.51 mm

→

qCA/ qCB = 1.811

→

qCA= 1086 N

4) The peak mobilisation distance in Glyben (clay) is :

1 = 1D = 33 mm

5) The zone of normalised influence in the strong layer (Zs/D) can be calculated
from equation (4-9):
Zs = 0.4D = 13 mm
6) The normalised influence zone in the weak layer can be calculated from
equation (4-10):
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Zw=0.7549D=25 mm
7) The peak mobilisation distances 2 and 3 can be calculated from equations
(4-11) and (4-12) knowing the location of the interface to the original pipe
location (Z0):

3= 66+13 = 79 mm
2= 79 – (25+13) = 41 mm
Therefore the major three points for this test are:
G2CS34O10 Calculated (N, mm)

Measured (N, mm)

(F1, 1)

(604, 33)

(700, 31)

(F1, 2)

(604, 41)

(700, 45)

(F2, 3)

(911, 79 )

(959, 80)

(b) Design Example-2
As a second case to illustrate the use of the aforementioned procedure, SINT-2
(SINTEF test 2- clay and sand) has been selected for an example for design
Clay was placed from the trench base level up to an embedment ratio of Hclay=0.73D
and sand was overlain on the clay up to the total embedment ratio of
(Htotal+D/2)/D=4.89 (see Figure 4-3). The length of the pipe is 2000 mm and the
diameter of pipe is 273 mm. The undrained shear strength of the clay was 2 kPa. The
dry density of the sand is 1.82 g/cm3. The three points of the graph are required (F1,
1), (F1, 2) and (F2, 3).
1) Since the pipe is placed at the bottom of the trench and the pipe was epoxy
coated, the immediate breakaway condition will be the most likely scenario and
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the uplift resistance in homogeneous clay can be calculated with equation (4-1),
where Np is calculated with equation (4-3).
Hence, Np=5.76

→

qCB=6297 N

2) The uplift resistance in a homogeneous sand (q*c) can be calculated from
equation (4-5), the result is:

q*c=27991 N
3) The uplift resistance in granular material for layered test (qCA) can be calculated
from equation (4-6), where, KH is the correction factor and calculated from
equation (4-7), and using equivalent embedment ratio:

H*/D=3.66

→

KH = 1.6

qCA=17495 N

4) The peak mobilisation distance in the clay for an immediate breakaway
condition is:
1 = 55 mm

5) The zone of normalised influence in the strong layer (Zs/D) can be calculated
from equation (4-9):
Zs = 0.4D = 109 mm
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6) The normalised influence zone in the weak layer can be calculated from
equation (4-10):

Zw=0.32D=86 mm
7) The mobilisation distances 2 and 3 are calculated from equations (4-11) and
(4-12), knowing the location of the interface to the original pipe location is
(Z0=200 mm):
therefore:
3= 200+109 = 309 mm
2= 309 – (109+86) = 114 mm
Therefore the major three points for this test are:
SINT-2

Calculated (N, mm)

Measured (N, mm)

(F1, 1)

(6297, 55)

(6200, 70)

(F1, 2)

(6297, 114)

(6200, 105)

(F2, 3)

(17495, 309 )

(19000, 330)
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4.11

Conclusion

The key findings from this chapter are:
Finite element analyses and analytical solutions show reasonable consistency with the
experimental pullout tests results in homogeneous Glyben.
In the layered tests, with increasing Glyben thickness, peak load reduces and
displacement at peak increases. Therefore, reduction in the embedment in the clay layer
together with increasing the granular layer thickness (rock fill or berm) results in a
higher uplift resistance at a smaller mobilisation distance. The maximum peak load
occurs when the Glyben interface is placed on the top of the pipe. It is also shown that
the displacement for peak uplift resistance of layered Glyben-coarse sand is larger than
that for layered Glyben – fine sand.
In the layered tests, the uplift resistance begins to increase before it reaches the interface
between the Glyben and granular material and reaches the maximum value after it
passes the interface by about half a pipe diameter into the granular material.
The length of the influence zone in the strong layer (Zs/D) is essentially constant
between 0.25 and 0.5. The influence zone of the weak layer (Zw/D) is similar to that
seen by other researchers and shows an approximately linear relationship for (qcA/qcB).
It shows (Zw/D) reduces as (qcA/qcB) increases, whereas the influence zone of the
stronger layer with (qcA/qcB) remains essentially constant between 0.25 and 0.5 in the
different tests.
The displacement field results of PIV analysis shows that the pipe pullout in
homogeneous Glyben material starts with a “compression mechanism” where
compressive stresses in soil above the pipe increased with no rotation of principle axis,
followed by initiation of a “flow around mechanism” and continues until the full flow
around mechanism forms.
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Contained flow around mechanisms were observed in the Glyben-sand layered backfill
with overburden until the pipe approaches the interface between two layers; the
mechanism widens as it gets closer to the interface. When top of the pipe encroaches on
the interface, sand above the clay flow mechanism starts to compress and a wedge
mechanism similar to the White mechanism eventually develops. When the pipe
progresses far enough into the sand, a partial flow around mechanism similar to that
seen by Schupp (2006) and Cheuk (2008) is observed.
Similar behaviour was observed during pipe pullout through the layered Glyben-gravel
with overburden, starting with a localized compression response followed by an
extended flow around mechanism. When the flow around mechanism breaks into the
gravel layer, the gravel starts to compress and a wedge mechanism develops. This
mechanism grows as the pipe progresses into the gravel layer. The gap slope behind the
pipe is reduced and the peak load is reached.

210

4.12

References

Ahmadi, M. M. & Robertson, P. K. (2005). “Thin-layer effects on the CPT qc
measurement.” Can. Geotech. 42, 5, 1302–1317.
Ashbee, R. A. (1969). “A uniaxial analysis for use in uplift foundation calculations.”
Report RD/L/R 1608. Central Electricity Research Laboratory.
ASCE (1984). Guidelines for the seismic design of oil and gas pipeline systems.
Committee on Gas and Liquid Fuel Lifelines, Technical Council on Lifeline
Earthquake Engineering, ASCE, New York.
ASTM (2004). Standard Test Method for Direct Shear Test of Soils under Consolidated
Drained Conditions (D 3080 – 04)
ASTM (2004). Standard Test Method for One-Dimensional Consolidation Properties of
Saturated Cohesive Soils Using Controlled-Strain Loading (D4186- 04)
ASTM (2006). Standard Test Methods for Minimum Index Density and Unit Weight of
Soils and Calculation of Relative Density (D 4254 – 00)
ASTM (2004). Standard Test Methods for Particle-Size Distribution (Gradation) of
Soils Using Sieve Analysis (D 6913 – 04)
Bai, Y. (2003). Pipeline and Risers, Elsevier Ocean Engineering Book Series, Volume
3, Elsevier Science Ltd.
Bolton, M. D., and Barefoot, A. J. (1997). “The variation of critical pipeline trench
back-fill properties” Proceedings of IBC Conference on Risk-Based and Limit
State Design and Operation of Pipelines, Aberdeen, 1-8
Bonar, A. J., and Ghazzaly, O. I. (1973). “Research on pipeline floatation.”
Transportation Engineering Journal, 99, TE2, 211-233

211
Bransby, M. F., Newson, T. A., Davies, M. C. R., Brunning, P. (2002). “Physical
modelling of the upheaval resistance of buried offshore pipelines.” Proc of
ICPMG International Conference on Physical Modelling in Geotechnics, St.
Johns, Newfoundland, 899-904
Bransby, M. F., Newson, T. A., Brunning, P., Davies, M. C. R. (2001). “Numerical and
centrifuge modelling of the upheaval resistance of buried pipelines.” Proc of
OMAE pipeline symposium, Rio de Janeiro, 265-273
Brennodden, H., Sveggen, O., Wagner, D. A., Murff, J. D. (1986). “Full-scale pipe–soil
interaction tests.” Proceedings of the 18th offshore technology conference,
Houston. Paper OTC 5338.
Brinkgreve, R. B. J., and Vermeer, P. A. (2000). “Plaxis Manual, version 7.2.” A.A.
Balkema, Rotterdam. Delft, The Netherlands. 5.1-5.18.
Broms, B. B. (1964). “Lateral resistance of piles in cohesionless soils.” Journal of the
Soil Mechanics and Foundations Division, ASCE, 90, SM3, part 1, 123-156
Cathie, D. N., Jaeck, C., Ballard, J. –C., and Wintgens, J. –F. (2005). “Pipeline
Geotechnics- state-of-the-art.” Frontiers in Offshore Geotechnics: ISFOG 2005
– Gourvenec & Cassidy (eds) © 2005 Taylor & Francis Group, London
Cathie, D. N. Machin, J. B., and Overy, R. F. (1996). “Engineering appraisal of pipeline
floatation during backfilling.” OTC 8136, Annual Offshore Technology
Conference, Houston, Texas, May 6-9, 197-206.
Das, B. M. (1978). “Model tests for uplift capacity of foundations in clay.” Soils and
Found., Japan, 18(2):17-24.
Das, B. M. (1980). “A procedure for estimation of ultimate capacity of foundations in
clay.” Soils and Found., Japan, 20(1):77-82.
Das, B. M., Moreno, R., and Dallo, K. F. (1985b). “Ultimate pullout capacity of shallow
vertical anchors in clay.” Soils and Found., Japan, 25(2):148-152.

212
Das, B. M., Tarquin, A. J., and Moreno, R. (1985a). “Model tests for pullout resistance
of vertical anchors in clay.” Civil Eng. for Practicing and Design Engineers.,
Pergamon Press, New York , 4(2):191-209.
Cheuk, C. Y., Take, W. A., Bolton, M. D., and Oliveira, J. R. M. S. (2007)“Soil
resistant on buckling oil and gas pipelines buried in lumpy clay fill.”
Engineering Structures, 29 (6), 973-982.
Davie, J. R. (1973). “Behaviour of cohesive soils under uplift forces.” PhD Thesis,
University of Glasgow, U.K.
Davie, J. R., and Sutherland, H. B. (1977). “Uplift resistance of cohesive soils.” Journal
of the Soil Mechanics and Foundations Division, ASCE, 103(9), 935-952.
Deljoui, P., and Newson, T. A. (2007). “Numerical modelling of buried pipeline pullout
through layered soil.” Ottawa Geo2007: The Diamond Jubilee Conference,
Proceedings of the Canadian Geotechnical Conference,
Dickin, E. A. (1994). “Uplift resistance of buried pipelines in sand.” Soils and
Foundations, 34, 2, 41-48.
DNV-RP-F110 (2007). “Global buckling of submarine pipelines- structural design due
to high temperature / high pressure.” Det Norske Veritas, Norway
Finch, M. (1999). “Upheaval Buckling and Floatation of Rigid Pipelines: The Influence
of Recent Geotechnical Research on the Current State of the Art.” OTC 10713,
Annual Offshore Technology Conference, Houston, Texas, May 3-6.
Guijt, J. (1990). “Upheaval Buckling of Offshore Pipelines: Overview and
Introduction.” OTC 6487, 22nd Annual Offshore Technology Conference,
Houston, Texas, May 7-10, 573-578.
Gunn, M. J. (1980). “Limit analysis of undrained stability problems using a very small
computer.” Proc. Symp. on Computer Applications in Geotechnical Problems in
Highway Engineering, Cambridge University, Engineering Department, 5-30.

213
Guo, B., Song, S., Chacko, J., and Ghalambor, A. (2005). “Offshore Pipelines”
Elsevier.
Guan, S. W., Gritis, N., Jackson A., and Singh, P. (2005). “Advanced Onshore and
Offshore Pipeline Coating Technology” China International Oil & Gas Pipeline
Technology (Integrity) Conference, September 14-17, Shanghai, China.
Hird, C. C., and Sangtian, N. (2004). “Experiments with a Miniature Piezocone in
Thinly Layered Soil.” Geotechnical Testing Journal, 27, 1, 67-77
Khan, Z., Majid, A., Cascante, G., Hutchinson, D. J., and Pezeshkpour, P. (2006).
“Characterization of a cemented sand with the pulse-velocity method” Canadian
Geotechnical Journal, 43(3), 294-309

Khing, K. H., Das, B. M. and Yen, S. C. (1994). “Uplift capacity of strip plate anchors
in clay with sloping surface.” Proc. 4th ISOPE Conference, Osaka, 1, 467- 471.

Koutsabelouis, N. C. and Griffiths, D. V. (1989). “Numerical modelling of the trap door
problem.” Geotechnique, 39, 1, 77-89.
Kumar, J. (1999). "Kinematic slices approach for uplift analysis of strip foundations."
Int. J. Num. Methods in Geomechanics, 23(11), 1159-1170.
Ladd, C. C., and Edgars, L. (1972). “Consolidated Undrained Direct Simple Shear Test
on Saturated Clays.”

Res. Report R72-82, No. 284, Dept. of Civ. Engrg.

Massachusetts Inst. of Tech., Cambridge, Mass.
Lambrakos, K. (1985). “Marine pipeline soil friction coefficients from in-situ testing.”
Journal of Ocean Engineering 12 (2), 131-150.
Lyons C. G. (1973). “Soil resistance to lateral sliding of marine pipelines.” Proceedings
of the fifth offshore technology conference, Houston. Paper OTC 1876.

214
Majer, J. (1955). “Zur berechnung von zugfundamenten.” Osterreichisher Bauzeitschift,
10, 5, 85-90.
Martin, C. M., and Randolph, M. F. (2001). “Applications of the lower and upper bound
theorems of plasticity to collapse of circular foundations." Proceedings of 10th
International Conference of the International Association for Computer
Methods and Advances in Geomechanics, Tucson, Balkema, U.S.A., 1417-1428.
Martin, C. M., and Randolph, M. F. (2006). “Upper-bound analysis of lateral pile
capacity in cohesive soil.” Geotechnique, 56, 2, 141-145.
Mayfield, B. (1963). “The performance of a rigid wheel moving in a circular path
through clay.” Ph.D. dissertation, University of Nottingham, U.K.
Mayne, P.W., Peuchen, J. and Bouwmeester, D. (2010). “Soil unit weight estimated
from CPTu in offshore soils.” Frontiers in Offshore Geotechnics II: (Proc.
ISFOG-II, Perth), 2011 Taylor & Francis Group, London, 371-376.
Merifield, R. S., Sloan, S. W. and Yu, H. S. (2001). “Stability of plate anchors in
undrained clay.” Geotechnique, 51, 2, 141-153.
Merifield, R. S., Sloan, S. W. and Yu, H. S. (2006). “Ultimate pullout capacity of
anchor in frictional soil.” Can. Geotech. J., 43, 852-866.
Meyerhof G. G., and Adams J. I. (1968). “The ultimate uplift capacity of foundations.”
Canadian Geotechnical Journal., 5(4), 225-244.
Moradi, M. (1998). “Centrifuge Model Simulation of Upheaval Buckling of Pipelines.”
PhD Thesis, Manchester University, U.K.
Murff, J. D., Wagner, D. A., and Randolph, M. F. (1989). “Pipe penetration in cohesive
soil.” Géotechnique, 39(2), 213-229.
Narasimha, S. and Prasad, Y. (1993). “Experimental studies of plate anchors in layered
marine soils.” Proc. 3rd ISOPE Conference, Singapore, 1, 544-550.

215
Newson, T. A. and Deljoui, P. (2006). “Finite Element Modelling of Upheaval Buckling
of Buried Offshore Pipelines in Clayey Soils.” Geotechnical Special
Publication, Soil and Rock Behaviour and Modeling- Proceedings of
GeoShanghai Conference, 150, 351-358.
Newson, T. A., Deljoui, P. and Brunning, P. (2006). “Numerical prediction of the
upheaval buckling of buried offshore pipeline in Clay Backfill.” Proceedings of
The Sixteenth 2006 International Offshore and Polar Engineering Conference,
ISOPE 2006, 93-99.
Ng, C. W. W., and Springman, S.M. (1994). “Uplift Resistance of Buried Pipelines in
Granular Material.” Centrifuge 94, Leung, Lee and tan (eds), 753-758
Nielsen, N-J.R., and Lyngberg, B. (1990). “Upheaval Buckling Failures of Insulated
Buried Pipelines: A case story.” OTC 6488, 22nd Annual Offshore Technology
Conference, Houston, Texas, May 7-10, 581-592.
Okamura, M., Takemura, J., and Kimura, T. (1998). “Bearing Capacity Predictions of
Sand Overlying Clay Based on Limit Equilibrium Method.” Soils and
Foundations Japanese Geotechnical Society, 38, 1, 181-194
Palmer, A. C., Ellinas, C. P., Richards, D. M. and Guijt, J. (1990). “Design of
submarine pipelines against upheaval buckling.” OTC 6335, 22nd Annual
Offshore Technology Conference, Houston, Texas, May 7-10, 551-560.
Prandtl, L., (1921). “Uber die Eindringungs-festigkeit und festigkeit (Harte) plastischer
Baustoffe und die Festigkeit von Schneiden.” Zeit. F. Angew. Math. U. Mech. 1,
15, 15-20
Randolph, M. F. and Andersen, K. H. (2006). “Numerical analysis of T-bar penetration
in soft clay.” International Journal of Geomechanics, 6, 6, 411-420.
Randolph, M. F. and Houlsby, G. T. (1984). “The limiting pressure on a circular pile
loaded laterally in cohesive soil.” Geotechnique, 34(4), 613-623.

216
Ranjan, G., and Arora, V. B. (1980). “Model studies on anchors under horizontal pull in
clay.” Proc. 3rd Aust, N.Z Conf. Geomech., Wellington, N.Z., 1:65-70.
Rapoport, V., and Young, A. G. (1985). “Uplift capacity of shallow offshore
foundations.”

Uplift Behavior of Anchor Foundations in soil, ASCE, New

York, N.Y., 73-85
Rodenburg, J., Wijning, D. B., and De Groot, A. K. (2008). “Marine Pipelaying System
and Method for Installing an Offshore Pipeline That Includes One or More
Accessories”, Patent application No.:20080304912, Falls Church, Virginia
Robertson, P. K., and Fear, C. E. (1995). “Liquefaction of sands and its evaluation.”
Proc., 1st Int. Conf. on Earthquake Geotech. Engrg. , Keynote lecture
Rowe, R. K. (1978). “Soil Structure Interaction Analysis and its Application to the
Prediction of Anchor Behaviour.” PhD thesis. University of Sydney, Australia.
Rowe, R. K., Booker, J. R., and Balaam, N. P. (1978). “Application of the initial stress
method to soil structure interaction.” Int. J. Numer. Meth. Engng 12, 5, 873-880.
Rowe, R. K., and Davis, E. H. (1982). “The behaviour of anchor plates in clay.”
Geotechnique, 32(1), 9-23.
Sakai, T., and Tanaka, T. (2007). “Experimental and Numerical Study of Uplift
Behaviour of Shallow Circular Anchor in Two-Layered Sand.” J. Geotech.
Geoenviron. Eng., 133, 4, 469-477
Saran, S., Ranjan, G., and Nere, A. (1986). “ Soil anchors and constitutive laws.” J.
Geo. Eng. Div., ASCE, 112, GT12, 1084-1100.
Schaminee, P. E. L., Zorn, N. F. and Schotman, G. J. M. (1990). “Soil Response for
Pipeline Upheaval Buckling Analyses: Full-Scale Laboratory Tests and
Modelling.” OTC 6486, 22nd Annual Offshore Technology Conference,
Houston, Texas, May 7-10, 563-572.

217
Schupp, J., Byrne, B. W., Eacott, N., Martin, C. M., Oliphant, J., Maconochie, A., and
Cathie, D. (2006). “Pipeline Unburial Behaviour in Loose Sand.” OMAE200692542, 25th International Conference on Offshore Mechanics and Arctic
Engineering, Hamburg, Germany
Selvadurai, A. P. S. (1989). “Enhancement of the uplift capacity of buried pipelines by
the use of geogrids.” American Society for Testing and Materials, 12, 3, 211216,
Sinclair, T. J. E., and Andrews, D. C. (1984). “Uplift of tunnels and pipes in soft clay.”
Fourth Australia-New Zealand Conference on Geomechanics, Perth, 14-18
May, 694-697.
SINTEF Civil & Environmental Engineering and NTNU Faculty of Civil &
Environmental Eng. (2001). “Test of vertical stability of trenched pipe.” Data
report, STF22 F01141, Spongdal, Norway
Sloan, S. W., Assadi, A., and Purushothaman, N. (1990). “Undrained stability of a
trapdoor.” Geotechnique, 40, 45-62.
Sloan, S. W. (1988). “Lower bound limit analysis using finite elements and linear
programming.” International Journal for Numerical and Analytical Methods in
Geomechanics, 12, 61-67.
Sloan, S. W., and Kleeman, P. W. (1995). “Upper bound limit analysis using
discontinuous velocity fields.” Computer Methods in Applied Mechanics and
Engineering, 127, 293-314.
Small, J. S., Thorne, C. P., and Ta, L. (1998). “Effect of pore pressure dissipation on the
behaviour of plate anchors in clay.” Proc 8th ISOPE Conference, Montreal, 497504.
Song, Z., Hu, Y., and Randolph, M. F. (2008). “Numerical simulation of vertical pullout
of plate anchors in clay.” Journal of Geotechnical and Geoenvironmental
Engineering, ASCE, 134, 6, 866-875

218
Stewart, W. (1985). “Uplift capacity of circular plate anchors in layered soil.” Can.
Geotech. J. 22, 589-592.
Sutherland, H. B. (1988). “Uplift resistance of soils.” Geotechnique, 38, 4, 493-516
Sveen, J. K. (2004). “An introduction to MatPIV v.1.6.1” Dept of Math. Mechanics and
applied Mathematical, University of Oslo, Norway
Teh, K. L., Cassidy, M. J., Leung, C. F., Chow, Y. K., Randolph, M. F., and Quah, C.
K. (2008). “Revealing the bearing capacity mechanism of a penetrating spudcan
through sand overlying clay.” Geotechnique, 58, 10, 793-804
Thorne, C. P., Wang, C. X., and Carter, J. P. (2004). “Uplift capacity of rapidly loaded
strip anchors in uniform strength clay.” Geotechnique, 54, 8, 507-518.
Thusyanthan, N. I., Mesmar, S., Wang J., and Haigh, S.K. (2010). “Uplift resistance of
buried pipelines and DNV-RPF110 guideline.” Proc. Offshore Pipeline and
Technology Conference. Feb 24–25, Amsterdam, Netherlands.
Trautmann, C. H., O'Rourke, T. D., and Kulhawy, F. H. (1985). “Uplift ForceDisplacement Response of Buried Pipe.” Journal of Geotechnical Engineering,
Vol. 111, No. 9, September 1985, 1061-1076
Vanden Berghe, J-F., Cathie, D., and Ballard, J-C. (2005). “Pipeline uplift mechanisms
finite element analysis.” Proceedings of the International Conference on Soil
Mechanics and Geotechnical Engineering, Conf. 16, vol. 3, 1801-1804
Vermeer, P. A. and Sutjiadi, W. (1985). “The uplift resistance of shallow embedded
anchors.” Proc. 11th ICSMFE, Vol. 3, San Francisco, 1635-1638.
Vesic, A. S. (1971). “Breakout resistance of objects embedded in ocean bottom.”
Journal of the Soil Mechanics and Foundations Division, ASCE, 97(9), 11831205.

219
Vreugdenhil, R., Davis, R., and Berril, J., (1994). “Interpretation of Cone Penetration
Results In Multilayered Soils.” International Journal of Numerical And
Analytical Methods In Geomechanics, 18, 585-599
White, D. J., Barefoot, A. J. and Bolton, M. D. (2001). “Centrifuge modelling of
upheaval buckling in sand.” IJPMG-International Journal of Physical
Modelling in Geotechnics, 19-28
White, D. J., Cheuk, C. Y. and Bolton, M. D. (2008). “The uplift resistance of pipes and
plate anchors buried in sand.” Geotechnique, 58, 10, 771-779
White, D. J., Take, W. A. and Bolton, M. D. (2003). “Soil deformation measurement
using particle image Velocimetry (PIV) and photogrammetry.” Geotechnique,
53, 7, 619-631
Yu, H. S. (2000). “Cavity expansion methods in geomechanics.” Dordrecht: Kluwer.
Wilson, R. K., Aifantis, E. C. (1982), “On the theory of consolidation with double
porosity." Int. J. Eng. Sci. 20: 1982, 1009–1035.
Xu, X., Lehan, B. M., (2008), “Pile and penetrometer end bearing resistance in twolayered soil profiles.” Geotechnique, 58, 3, 187-197
Yang, L. A.; Tan, T. S.; Tan, S. A.; Leung, C. F. (2002). “One-dimensional self-weight
consolidation of a lumpy clay fill.” Geotechnique, 52 (10), 713-725
Youd, T. L., Idriss, I. M., Andrus, R. D., Arango, I., Castro, G., Christian, J. T., Dobry,
R., Finn, W. D. L., Harder, L. F. Jr, Hynes, M. E., Ishihara, K., Koester, J. P.,
Liao, S. S. C., Marcuson, W. F. III, Martin, G. R., Mitchell, J. K., Moriwaki, Y.,
Power, M. S., Robertson, P. K., Seed, R. B. & Stokoe, K. H. II (2001).
Liquefaction resistance of soils: “summary report from the 1996 NCEER and
1998 NCEER/NSF workshops on evaluation of liquefaction resistance of soils.”
J. Geotech. Geoenviron. Engng. 127, 10, 817–833.

220
Zhou, H.; Randolph, M. F. (2007). “Computational techniques and shear band
development for cylindrical and spherical penetrometers in strain- softening
clay.” International Journal of Geomechanics, 7, 4, 287-295.

221
Table 4-1. Series of physical model pullout tests in Glyben
Average
Embedment
Glycerol
Density
Test
Shear
Ratio
Number Percentage

strength
(%)
(kg/cm3)
(kPa)
(H+D/2)/D=2.5
11.77
1340
50%
Test 1
(H+D/2)/D=2.5
13.58
1340
50%
Test 2
(H+D/2)/D=4.5
11.62
1340
50%
Test 3
(H+D/2)/D=4.5
13.74
1340
50%
Test 4
(H+D/2)/D=5.9
13.88
1340
50%
Test 5
(H+D/2)/D=7.5
13.9
1340
50%
Test 6
(H+D/2)/D=0.5
4.0
1340
52.5%
Test 7
(H+D/2)/D=2.5
4.12
1340
52.5%
Test 8
(H+D/2)/D=4.5
4.1
1340
52.5%
Test 9
(H+D/2)/D=5.9
4.35
1340
52.5%
Test 10
(H+D/2)/D=7.8
4.46
1340
52.5%
Test 11
(H+D/2)/D=5.9
4.58
1340
52.5%
Test 12
(H+D/2)/D=5.9
4.58
1340
52.5%
Test 13

Remarks

Low compaction
High compaction
Low compaction
High compaction
High compaction
High compaction
Hand compaction
Hand compaction
Hand compaction
Hand compaction
Hand compaction
Overburden 9 kPa
Overburden10.4kPa
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Table 4-2. Series of physical model pullout tests in layered backfill
Test
No.

HGlyben/D

Test 1
Test 2
Test 3
Test 4
Test 5
Test 6
Test 7
Test 8
Test 9
Test 10
Test 11
Test 12
Test 13
Test 14
Test 15
Test 16
Test 17
Test 18
Test 19
Test 20
Test 21
Test 22
Test 23
Test 24
Test 25
Test 26
Test 27
Test 28
Test 29
Test 30
Test 31
Test 32
Test 33
Test 34
Test 35
Test 36

0
1
2
5.4
0
1
2
3
5.4
0
1
2
3
0
1
2
4.4
5.4
0
1
2
3
4.4
0
1
2
3
2
5.4

Hsand/D
or
HGravel/D
5.4
5.4
4.4
3.4
5.4
5.4
4.4
3.4
2.4
5.4
5.4
4.4
3.4
2.4
5.4
5.4
4.4
3.4
1
5.4
5.4
4.4
3.4
2.4
1
5.4
5.4
4.4
3.4
2.4
5.4
3.4
-

(Htotal+D/2)/D
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9

Relative
density
(%)
95
95
95
95
93
93
93
93
93
75
75
75
75
75
64
64
64
64
64
64
64
64
64
64
64
64
64
64
64
64
93
93
-

Overburden
Pressure
(kPa)
5.6
5.6
5.6
5.6
5.6
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
0
0
0
0
0
0
5.6
5.6
5.6
5.6
5.6
5.6
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4

Remarks
Pure Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Pure Glyben
Pure Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben Fine Sand
Pure Glyben
Pure Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Pure Glyben
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Pure Fine sand
Glyben-Fine sand
Pure Glyben

Abbreviation
FS54O56
G0FS54O56
G1FS44O56
G2FS34O56
G54O56
FS54O10
G0FS54O10
G1FS44O10
G2FS34O10
G3FS24O10
G54O10
CS54O10
G0CS54O10
G1CS44O10
G2CS34O10
G3CS24O10
GR54OB0
G0GR54OB0
G1GR44OB0
G2GR34OB0
G44GR1OB0
G54OB0
GR54O56
G0GR54O56
G1GR44O56
G2GR34O56
G3GR24O56
G44GR1O56
GR54O10
G0GR54O10
G1GR44O10
G2GR34O10
G3GR24O10
FS54O10D11
G2FS34O10D11
G54O10D11

Table 4-3. Series of physical model pullout tests in homogeneous Glyben
Test
Number
Test 1
Test 2
Test 3
Test 4
Test 5
Test 6
Test 7
Test 8
Test 9
Test 10
Test 11
Test 12
Test 13

Glycerol
Percentage

Density


50%
50%
50%
50%
50%
50%
52.5%
52.5%
52.5%
52.5%
52.5%
52.5%
52.5%

(g/cm3)
1.34
1.34
1.34
1.34
1.34
1.34
1.34
1.34
1.34
1.34
1.34

Average
Shear
strength

ultimate
(mm)

Fultimate

11.77
13.58
11.62
13.74
13.88
13.9
4.0
4.12
4.1
4.35
4.46
4.58
4.58

25
28
67
24
40
35
20
35
39
46
40
31
30

Remarks

(N)

Embedment
Ratio

427
525
627
974
1081
1361
267
400
525
534
552
569
636

(H+D/2)/D=2.5
(H+D/2)/D=2.5
(H+D/2)/D=4.5
(H+D/2)/D=4.5
(H+D/2)/D=5.9
(H+D/2)/D=7.5
(H+D/2)/D=0.5
(H+D/2)/D=2.5
(H+D/2)/D=4.5
(H+D/2)/D=5.9
(H+D/2)/D=7.8
(H+D/2)/D=5.9
(H+D/2)/D=5.9

Low compaction
High compaction
Low compaction
High compaction
High compaction
High compaction
Hand compaction
Hand compaction
Hand compaction
Hand compaction
Hand compaction
Overburden 9 kPa
Overburden10.4kPa
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Table 4-4. Series of physical model pullout tests in layered backfill
Test
Number

H
/

Glyben

D
Test 1
Test 2
Test 3
Test 4
Test 5
Test 6
Test 7
Test 8
Test 9
Test 10
Test 11
Test 12
Test 13
Test 14
Test 15
Test 16
Test 17
Test 18
Test 19
Test 20
Test 21
Test 22
Test 23
Test 24
Test 25
Test 26
Test 27
Test 28
Test 29
Test 30
Test 31
Test 32
Test 33
Test 34
Test 35
Test 36

0
1
2
5.4
0
1
2
3
5.4
0
1
2
3
0
1
2
4.4
5.4
0
1
2
3
4.4
0
1
2
3
2
5.4

H sand/D
or
H Gravel/D
5.4
5.4
4.4
3.4
5.4
5.4
4.4
3.4
2.4
5.4
5.4
4.4
3.4
2.4
5.4
5.4
4.4
3.4
1
5.4
5.4
4.4
3.4
2.4
1
5.4
5.4
4.4
3.4
2.4
5.4
3.4
-

(H total
+D/2)
/D
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9
5.9

Ovbur
Press
(kPa)
5.6
5.6
5.6
5.6
5.6
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4
0
0
0
0
0
0
5.6
5.6
5.6
5.6
5.6
5.6
10.4
10.4
10.4
10.4
10.4
10.4
10.4
10.4

F1
(N)

1
(mm)

?
?
?
569
?
?
?
616
625
?
690
620
690
556
547
538
565
556
?
600
598
610
587
?
570
570
570
-

?
?
?
20
?
?
?
12
20
?
28
25
25
23
42
46
47
53
?
10
18
30
38
?
14
18
20
-

2
(mm)

F2
(N)

?
?
?
?
?
?
?
?
?
?
45
53
84
?
?
?
?
?
?
10
48
78
38
?
14
47
84
-

618
925
890
845
569
965
1281
1050
1045
765
627
992
1401
1036
939
805
271
556
547
538
565
556
1259
1263
1205
979
792
587
1606
1779
1450
1361
1170
246
361
246

3
(mm)
6
17.8
48
70
30
8
16
45
76
60
26
6.41
21
64
80
111
6
23
42
46
47
53
13
37
53
88
115
38
13.6
28
63
84
130
1.29
24
6.74

Remarks
Pure Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Pure Glyben
Pure Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben-Fine Sand
Glyben Fine Sand
Pure Glyben
Pure Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Glyben-Coarse Sand
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Pure Glyben
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Pure Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Glyben-Gravel
Fine Sand (11mm d.)
Glyben-Sand (11mm d.)
Pure Glyben (11mm d.)

Table 4-5. Series of physical model pullout tests in layered backfill (other researchers)
Test
Number

H
/

Glyben

D
STWT-2
STWT-4
STWT-7
STWT-6
SINT-1
SINT-2
SINT-3
SINT-4
SINT-5
SINT-6
SINT-7
SINT-8

1.5
1.5
1.5
1.5
0
0.73
1.46
0
0
0
0.73
1.46

H sand/D
or
H Gravel/D
1.5
4.5
7.5
7.5
4.39
3.66
2.93
4.39
4.39
4.39
3.66
2.93

(H total
+D/2)
/D
3
6
9
9
4.89
4.89
4.89
4.89
4.89
4.89
4.89
4.89

Ovbur
Press
(kPa)
1.3
3.8
5.9
6.4
0
0
0
0
0
0
0
0

F1
(N)
100
170
170
170
?
6200
6200
8000
6600

1
(mm)
30
22
22
22
?
70
70
60
80

2
(mm)

F2
(N)

37
38
38
?
105
308
140
290

210
400
970
27000
19000
17000
32000
23400
17000

3
(mm)
58
80
80
250
330
540
100
280
460

Remarks
Stewart Test 2-loose
Stewart Test 4-dense
Stewart Test 7-loose
Stewart Test 6-dense
Test1 (clay/sand)
Test2 (clay/sand)
Test3 (clay/sand)
Test4 (pure sand)
Test5 (pure crushed rock)
Test6 (clay/crushed rock)
Test7 (clay/crushed rock)
Test8 (clay/crushed rock)
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Figure 4-1. Load-displacement curves to failure for layered soil (Stewart, 1985)

Load

R2

f
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Displacement

Figure 4-2. DNV-RP-F110 (2007) soil resistance-pipe displacement curve for a pipe in
trench with clay and additional rock fill material
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Figure 4-3. Experimental results of uplift force for pipeline in soft-clay-sand layered soil
(SINTEF, 2001)
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Figure 4-4. Particle size distribution of gravel, fine and coarse sand
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Figure 4-5. Variation of Shear Strength with glycerol percentage in Glyben for low
compaction

Figure 4-6. Pullout test apparatus image
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Figure 4-7. Schematic elevation and side views of the apparatus
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33 mm

Figure 4-8. Glyben 52.5%, deep case with over burden
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Figure 4-9. Pipe geometry and definition
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Figure 4-10. Pipe geometry and definition
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Figure 4-11. Load – displacement response, homogeneous Glyben
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Figure 4-12. Normalised load versus normalised displacement, homogeneous Glyben
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Figure 4-13. Normalised load-normalised embedment ratio comparison of pipe pullout
tests in 52.5% Glyben with finite element analysis of rough fully bonded pipeline and
anchor.
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Figure 4-14. Typical load-displacement curve for two-layered material and definition of
reference loads and displacements
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Figure 4-15. Load-displacement response of layered, Glyben-fine sand, overburden 5.6
kPa
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Figure 4-16. Load-displacement response, Glyben – fine sand, overburden 10.4 kPa
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Figure 4-17. Load-displacement response, Glyben-coarse sand, overburden 10.4 kPa
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Figure 4-18. Load-displacement response, Glyben – gravel, without overburden
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Figure 4-19. Load-displacement response, Glyben–gravel, with 5.6 kPa overburden
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Figure 4-20. Load-displacement response, Glyben-gravel, with 10.4kPa overburden
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Figure 4-21. Load-displacement response, Glyben 0D- gravel 5.4D, different overburdens
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Figure 4-22. Load-displacement response, Glyben 1D- gravel 4.4D, different overburdens
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Figure 4-23. Load-displacement response, Glyben 2D- gravel 3.4D, different overburdens

236

1600
10.4 kPa Overburden

1400

5.6 kPa Overburden

1200

Load, F (N)

1000
800
600
400
200
0
0

33

66

99

132

165

198

Displacement,  (mm)

Figure 4-24. Load-displacement response, Glyben 3D -gravel 2.4D, different overburdens
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Figure 4-25. Load-displacement response, 11 mm pipe, Glyben–fine sand, 10.4 kPa
overburden
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Figure 4-26. Load–displacement response of homogeneous Glyben, (H+D/2)/D=5.9,
various overburden
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Figure 4-27. Definition of pipeline-material interface influence zones for weak and strong
layers
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Normalised Load Vs. Normalised depth- Glyben- Fine Sand layered5.6 kPa overburden
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Figure 4-28. Normalised load vs. normalised depth, Glyben-fine sand layered, 5.6 kPa
overburden

1.6
1.4

G3GR24O56

1.2

G2GR34O56
material 1

Normalised load, 

G1GR44O56

1

G0GR54O56

0.8
0.6
material 2

0.4
0.2
0
-3.5

-3

-2.5

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2

Normalised depth, Z/D

Figure 4-29. Normalised load vs. normalised depth, Glyben-gravel layered, 5.6 kPa
overburden
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Figure 4-30. Normalised load vs. normalised depth, Glyben-fine sand layered, 10.4 kPa
overburden

1.6
G3CS24O10

1.4

G2CS34O10
G1CS44O10

material 1

Normalised load, 

G0CS54O10

1.2
1
0.8
0.6
material 2

0.4
0.2
0
-4

-3

-2

-1

0

1

2

Normalised depth, Z/D

Figure 4-31. Normalised load vs. normalised depth, Glyben-coarse sand layered, 10.4 kPa
overburden
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Figure 4-32. Normalised load vs. normalised depth, Glyben- gravel layered, 10.4 kPa
overburden
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Figure 4-33. Normalised load against normalised depth
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Figure 4-34. Normalised load against normalised depth
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Figure 4-35. Normalised load against normalised depth
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Figure 4-36. Normalised load against normalised depth
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Figure 4-37. Two layer pipeline resistance parameters definition
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Figure 4-38. Values of thin layer correction factor (KH) versus H/D (after Youd et al.,
2001)
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Figure 4-44. Load –Displacement response, homogeneous Glyben, 10.4 kPa overburden

/D=0.02

Figure 4-45. Displacement vector, homogeneous Glyben, overburden 10.4 kPa, point A
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Figure 4-46. Displacement vectors, homogeneous Glyben, overburden 10.4 kPa, point B
/D=0.5

Figure 4-47. Displacement vector, homogeneous Glyben, overburden 10.4kPa, point C
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Figure 4-48. Load-displacement, Glyben 1D-fine sand 4.4D, overburden 10.4 kPa
/D=0.02

Figure 4-49. Displacement vector, Glyben 1D- fine sand 4.4 D, overburden 10.4kPa, point
A
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Figure 4-50. Displacement vector, Glyben 1D- fine sand 4.4 D, overburden 10.4kPa, point
B
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Figure 4-51. Displacement vector, Glyben 1D- fine sand 4.4 D, overburden 10.4kPa, point
C
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Figure 4-52. Displacement vector, Glyben 1D- fine sand 4.4 D, overburden 10.4kPa, point
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Figure 4-53. Displacement vector, Glyben 1D- fine sand 4.4 D, overburden 10.4kPa, point
K
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Figure 4-55. Load-displacement response, Glyben 0D-coarse sand 5.4D, overburden
10.4kPa
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Figure 4-56. Displacement vector, Glyben 0D- coarse sand 5.4D, overburden10.4kPa, point
A
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Figure 4-57. Displacement vector, Glyben 0D-coarse sand 5.4D, overburden10.4kPa, point
B
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Figure 4-58. Displacement vector, Glyben 0D-coarse sand 5.4D, overburden10.4kPa, point
C, Terzaghi general mechanism
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Figure 4-59. Displacement vector, Glyben 0D-coarse sand 5.4D, overburden10.4kPa, point
E
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Figure 4-60. Load-displacement response, Glyben 1D- gravel 4.4D, overburden 10.4kPa
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Figure 4-61. Displacement vector, Glyben 1D-gravel 4.4D, overburden 10.4kPa, point A
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Figure 4-62. Displacement vector, Glyben 1D-gravel 4.4D, overburden 10.4kPa, point D
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Figure 4-63. Displacement vector, Glyben 1D-gravel 4.4D, overburden 10.4kPa, point F
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Figure 4-64. Displacement vector, Glyben 1D-gravel 4.4D, overburden 10.4kPa, point I
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Figure 4-65. Load-displacement response, Glyben 3D-gravel 2.4D, overburden 10.4kPa
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Figure 4-66. Displacement vector, Glyben 3D-gravel 2.4D, overburden 10.4kPa, point A
/D=0.5

Figure 4-67. Displacement vector, Glyben 3D-gravel 2.4D, overburden 10.4kPa, point C
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Figure 4-68. Displacement vector, Glyben 3D-gravel 2.4D, overburden 10.4kPa, point H
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5 NUMERICAL

MODELLING

OF

UPHEAVAL

BUCKLING OF BURIED PIPELINES IN SOFT
CLAYEY SOIL
5.1 Introduction

5.1.1 Upheaval buckling and pipeline uplift
There is extensive use of small diameter, rigid steel pipelines within the offshore oil and
gas industries to transport commodities from their point of recovery to the shore (or to
other installations). Burial of these pipelines beneath the seabed is necessary for safety,
operational and environmental concerns, e.g. prevention of damage to fishing vessels,
iceberg protection, on bottom stability and improvement of the thermal properties of the
pipeline system. Since pipelines are laid in remote and potentially hostile environments,
often at great water depth, the cost of laying and maintaining the pipeline can be
extremely high. Therefore, offshore buried pipelines must be constructed as quickly and
efficiently as possible, whilst maintaining the highest level of certainty against failure.
To achieve high flow rates in pipelines, the gas or oil must be kept at high temperature
and pressure. Normally, these pipelines are laid with near zero axial loads, at the
ambient temperature. On heating, the pipeline will experience significant axial strain,
which is resisted by seabed friction so that compressive forces increase in the pipe.
These compressive forces are occasionally large enough to induce vertical uplift
(upheaval buckling) of trenched lines, with the pipe emerging from the soil or becoming
significantly distorted, so that its ability to withstand further loading is compromised.
These phenomena are due to cyclic conditions brought about by cooling and heating due
to line interruptions, which gradually 'ratchet' the pipe upwards, or from initial lay
imperfection (or a combination of the two). The soil above the pipeline and the buoyant
weight provide resistance to this uplift force and the embedment depth must be
sufficient to prevent the vertical pipe movement from occurring (see Figure 5-1).
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Trenching and burial is typically achieved by specialised water jetting, ploughing and
cutting equipment. Knowledge of the in situ mechanical properties of these soils is
extremely important for the design of buried pipeline systems; burial techniques can
produce considerable disturbance to the structure of seabed sediments, leading to
changes in their behaviour. Disturbance of the seabed in the vicinity of the trench
depends on the soil type and state, and the mode of operation of the trencher. Of
particular concern to industry are trenches that have been water jetted in soft finegrained silt and clay soils, due to the potential for significant changes in structure and
the associated uncertainty of the trench backfill properties around the pipeline. During
jetting, the structure of the seabed soil is likely to be broken down and may liquefy
completely. It is also possible that some intact lumps of clay could remain (although
these may be subject to some remoulding) and these can increase the strength of the
resulting backfill.
Ascertaining the degree of liquefaction or hydraulic fracture and the conditions under
which these phenomena occur is an area of ongoing research. In particular, the state of
the backfill will contribute considerably as to whether drained or undrained conditions
occur during upheaval buckling events due to the different drainage characteristics of
slurried and ‘lumpy’ backfill (Cathie et al., 2005). Likewise, the resulting time
dependent backfill behaviour following jetting will be different; both soil states will
consolidate and gain strength gradually, but this will occur much faster in the ‘lumpy’
backfill (Cathie et al., 2005).
To date, there has been considerable research carried out to measure and predict the
pullout resistance of a range of objects buried in sandy and clayey soils. However, much
of this research has concentrated on anchor behaviour (e.g. Meyerhof and Adams, 1968;
Ashbee, 1969; Vesic, 1971; Davie and Sutherland, 1977; Gunn, 1980; Das, 1978 and
1980; Ranjan and Arora, 1980; Rowe & Davis, 1982; Das et al., 1985a and 1985b;
Vermeer & Sutjiadi, 1985; Saran et al., 1986; Koutsabelouis and Griffiths, 1989;
Kumar, 1999; Narasimha and Prasad, 1993; Khing et al., 1994; Small et al., 1998; Yu,
2000; Merifield et al., 2001; Thorne et al., 2004; Song et al., 2008). Fortuitously, for
design applications it has been found that there are similarities between pullout failure
mechanisms for buried plate anchors and pipelines (White et al., 2008).
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In addition, recent interest from industry has prompted (e.g. Cathie et al., 1996; Finch,
1999), dedicated studies of drained and undrained uplift behaviour of buried pipelines to
address the absence of data and understanding (e.g. Sinclair & Andrews, 1984;
Selvadurai, 1989; Schaminee et al., 1990; Dickin, 1994; Moradi, 1998; Bolton and
Barefoot, 1997; Bransby et al., 2001; Bransby et al., 2002; Guo, 2005; Newson &
Deljoui, 2005). General discussions of the problems associated with upheaval buckling
have also been reported by Finch (1999), Guijt (1990), Palmer et al. (1990) and Cathie
et al. (2005), and a number of case studies detailing upheaval problems that have
occurred in practice have been reported by Cathie et al. (1996) and Nielsen & Lyngberg
(1990). These studies have identified and postulated various failure mechanisms for the
soil-pipeline system during vertical uplift through the trench backfill. The models are
predominantly plane strain (2D) representations that assume soil deformation and
failure surfaces that either extend to the seabed surface (shallow) or are fully contained
within the backfill material (deep).

5.1.2 Research objectives
Despite the aforementioned body of research existing in the literature, much confusion
still exists as to the appropriate design parameters and failure mechanisms involved for
different cases. This chapter presents a numerical finite element study that examines the
resistance of slurried clayey soils against upheaval buckling of buried pipelines. It has
been conducted to assess the current state-of-the-art, to provide guidance for the design
of buried pipelines for backfill soils in this state and to clarify some of the aspects of
uncertainty in this topic.

5.2 Pipeline Uplift Capacity
5.2.1 Uplift capacity of pipelines buried in undrained soils
A typical buried pipeline is shown in Figure 5-1, with a pipe diameter, D and
embedment depth, h (measured from the seabed surface to the centreline of the pipe) or
H (measured from the crown of the pipe to the surface). These two definitions of
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embedment depth are both commonly used in the literature. The pipe is assumed to be
sufficiently long so that plane strain analysis can be used. The embedment ratio is
defined as the ratio of the depth of embedment to the diameter of the pipe (i.e. h/D =
[(H+D/2)/D]). At failure, an uplift force Wt (per unit length of the pipe) is required to
move the pipe vertically upwards, such that it exceeds the capacity of the soil above and
around the pipeline. In general, for a given pipe this total ultimate uplift force, Wt can
be defined as:

Wt  Wu  W P

where:

(5-1)

Wt = the total ultimate uplift capacity per unit length of pipe,
Wu = net ultimate uplift capacity per unit length of pipe,
WP = effective self-weight of the pipe per unit length.

The net ultimate uplift capacity (Wu) is the primary focus of this paper and how it varies
with different soil states and geometric conditions. It is assumed that the uplift occurs
quickly enough to ensure an undrained response for the soil. The net uplift capacity of a
pipeline can therefore be related to the undrained shear strength of the soil (cu), the
diameter of the pipeline (D) and a dimensionless pipeline uplift factor (Np):

W u  c u . N P .D

(5-2)

where:

W 
 .h
N p   u   N po 
cu
 D.cu    0

 is the unit weight of soil and Npo is the uplift factor for a weightless soil.

(5-3)
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The value of Np (in equation (5-3)) is assumed to be a function of the geometry of the
failure mechanism, the embedment ratio (h/D), strength ratio (.h/cu), pipeline-soil
interface roughness () and the ability of the soil to sustain tension. Typical diameters
(D) for small in-field pipelines are between 100-460 mm, which are the current limits of
offshore reel-lay techniques. Minimum burial requirements in industry are for the crown
of the pipeline to be at least 600mm below mean seabed level, however where buckling
is thought to be an issue backfill requirements may be up to 1.5m; thus embedment
ratios of h/D of 3 to 4 are typical. Anti-corrosion protection and thermal flow assurance
are important for the longevity and reliability of oil and gas pipelines. Hence external
coatings surrounding the high yield strength steel pipeline are common. A wide variety
of coatings are now in use, such as extruded polyethylene, fusion bonded epoxy or
polypropylene (Guan et al., 2005), and systems vary in different parts of the world.
Whilst design approaches ensure that the effective self-weight (Wp) of the pipeline (and
hydrocarbon product) provide negative buoyancy, the difference between the specific
gravity of the pipeline, and the specific gravity of seawater and the saturated seabed
should be relatively small to provide temporary on bottom stability, but not excessive
sinkage. Large offshore pipelines often have specific gravities in excess of 1.6, but
small in-field pipelines are generally lower, and can be as low as 1.1-1.15, which is
controlled by the thickness of the pipeline walls and the specific gravity of the
coating(s).
Limited work has been conducted with respect to drained friction factors for pipelines
(particularly for lateral and axial resistance), e.g. Lyons (1973), Lambrakos (1985) and
Brennodden et al. (1986), but less guidance is available for undrained interface
parameters. Murff et al. (1989) suggest that for immediate pipe embedment into a soft
clay seabed under self-weight, zero adhesion () for undrained conditions may be
reasonable. Based on the plasticity solutions for cylindrical piles and T-bar
penetrometers moving laterally through clay, Randolph & Houlsby (1984) and
Randolph & Andersen (2006) indicate that a design value of =0.4 is appropriate.
Whilst the adhesion may also be taken as the inverse of the sensitivity of the soil (Zhou
and Randolph, 2007). Experience with offshore piles (e.g. DNV-RP-E303, 2005) would
suggest that  is a function of plasticity index, over consolidation ratio, thixotropy and
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sensitivity, and can vary between 0.22 for normally consolidated silty clay to 1.0 for
normally consolidated high plasticity clay. Observations made during experiments and
field tests also indicate that time periods of the order of months are required for
significant adhesion to develop. Thus the development of partial or full adhesion
between the pipeline and the soil is a relatively complex phenomenon, and
consideration of the changes to the degree of consolidation of the disturbed backfill soil
or any movements of the pipeline prior to commissioning must be made to estimate the
magnitude of .
A number of different forms of failure mechanism have been proposed for modelling
the uplift resistance of buried objects. These are often sub-divided into two cases:
immediate breakaway and no breakaway (e.g. Merifield et al., 2001). For the immediate
breakaway case, the soil at the bottom interface of the object cannot sustain any tension
and upon upwards loading, the vertical stress immediately beneath the object reduces to
zero and the object is no longer in contact with the soil below. For the no breakaway
case, the object/soil interface is able to sustain enough tension during loading to ensure
full contact between the object and the soil, and no gap appears during uplift.
Failure mechanisms can also be sub-divided based on their mode of failure, into deep
and shallow cases. A shallow object is defined as one where the failure mechanism
above the object extends to the ground surface at the ultimate load. Hence the upper soil
boundary plays a role in the failure mechanism and uplift capacity of the pullout event.
In contrast, a deep object is not affected by the ground surface boundary and the failure
mode is localised around the object. For any buried object there is a critical embedment
depth (h/D)crit that is thought to exist, where the transition from shallow to deep soil
mechanisms will occur. With greater embedment, the ultimate capacity or resistance of
the soil-object system will eventually reach a limiting value and for practical purposes,
further embedment causes no increase in capacity. Typical shallow and deep failure
mechanisms for a pipeline (with and without breakaway) are shown in Figure 5-2.
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5.2.2 Methods for predicting uplift capacity
The most basic failure mechanism postulated for the vertical movement of a shallow
pipeline (with immediate breakaway) is shown in Figure 5-3. Two vertical slip planes
(AB and DE) extend from the edges of the pipe to the soil surface and the soil block
above the pipe (ABDE) undergoes a monolithic vertical displacement (equal to the pipe
displacement). Majer (1955) used this mechanism to calculate the uplift capacity of
relatively shallow buried objects in drained soil. For undrained soil conditions this
simple mechanism gives the uplift capacity per unit length (Wu) as:

Wu
D 2c  H 1 
 1  0 .1  u   
H  H  D 2 
 HD

(5-4)

where cu is the average undrained shear strength on the vertical slip planes and ′ is the
effective unit weight of the soil.
A simplified form of the undrained vertical slip model presented in equation (5-4) can
be derived (e.g. Cathie et al., 2005) assuming a reduced form of the geometry shown in
Figure 5-3. The slip plane is truncated at the level of the crown of the pipe (CGF) and
the soil below this level is ignored, thus only the prism BCFD is considered in the
analysis:

Wu   ' H . D  2 c u H

(5-5)

Schaminee et al.(1990) also presented a simplified, semi-empirical version of the
vertical slip surface model and used this to examine results from a series of full scale
laboratory pipe uplift tests. Again the model ignores the contribution of the soil below
plane CF in Figure 5-3 and the uplift load, Wu is expressed as:
Wu
 b  f u ( H / D)
D.cu

(5-6)

266

where cu is the undrained shear strength of clay and fu is an undrained uplift resistance
factor. Schaminee et al. (1990) quotes a lower bound value of b = 1.1 based on
experimental results.
Another semi-empirical relationship for undrained pullout capacity of pipelines was
suggested by Palmer et al. (1990):

 H
Wu  cu .D. min 3, 
 D

(5-7)

Rowe and Davis (1982) analysed the uplift of strip anchors using the finite element
method. They suggested that the applied load required to cause failure of a plane strain
plate anchor (width B) in a clay soil (obeying the Mohr-Coulomb criterion) with an
undrained shear strength, cu, may be expressed as:

Wu  N a .cu .B

(5-8)

where Na is an anchor uplift factor and takes the lower value of (i) Na = Nao + s.qh/cu ,
where Nao is a dimensionless factor for a weightless, unbonded (immediate breakaway)
case, s is a coefficient for the effect of overburden stress and qh is the overburden stress
at a depth h (i.e. .h) and (ii) Na = Nao*, where Nao* is the capacity factor for a
weightless, fully bonded (no breakaway) condition. The coefficient ‘s’ is thought to
have a value close to 1 and to be independent of Ko.
The results of Rowe and Davis’s finite element analyses have been presented in the
form of charts, which may be used to estimate plate anchor capacity for a wide range of
geometries. Figure 5-4 shows the uplift factors (Nao and Nao*) for a strip anchor for the
two limiting cases for breakaway with varying embedment ratio h/B. The transition
from the shallow to deep mode of failure occurs at an embedment ratio of
approximately h/B = 3 to 4. The limit capacity for the no breakaway (bonded) case
exceeds the upper bound solution Na = 11.42 of Rowe (1978) by 4.6% and has a value
of 11.95. The values for h/B = 0 for the no breakaway case and the limit value for the
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immediate breakaway case are both close to the theoretical Prandtl (1921) value of Na =
2 +  for a shallow strip footing. This corresponds with the observations of Rapoport
and Young (1985), who found that the undrained capacity and failure mechanisms of
buried objects at shallow embedments was very similar for bearing and pullout
problems. Rowe and Davis (1982) also investigated the effects of anchor thickness,
roughness, layer depth and suction. It should be noted that the ‘strip anchor’ curves in
Figure 5-4, form the basis of current ASCE code for buried pipeline vertical uplift
capacity (ASCE, 1984).
Merifield et al. (2001) investigated the stability of plate anchors in undrained clay
(obeying a Tresca yield criterion) with shear strength cu using finite element
formulations of the upper and lower bound theorems of limit analysis. They presented
the uplift capacity for shallow and deep failure mechanisms (with immediate
breakaway) in terms of a break-out factor, Nao where the factor was bounded by:

 H
 H
2.56 log e  2   N ao  2.76 log e  2 
 B
 B

(5-9)

This allowed them to produce plots of upper and lower bound solutions for Nao as a
function of embedment ratio, H/B. Results for Nao were in generally good agreement
with experimental data (e.g. Das, 1980; Rowe, 1978) and were compared with a number
of other bounding solutions based on cavity expansion theories, eg. Yu (2000):

 H
N ao  2 log e  2   1
 B

(5-10)

Comparison of the upper and lower bounds of Merifield et al. (2001), upper bound of
Yu (2000), and solutions of Rowe and Davis (1982) are shown in Figure 5-4 and
indicate that the results for weightless, homogeneous soils are generally well bracketed
and begin to diverge at embedment ratios H/B>3. The origin of this divergence relates
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to the failure criterion adopted by Rowe and Davis (1982). They found that for deep
embedments, deformation prior to full plastic collapse can be very large. Hence they
determined that for practical purposes a failure criterion where the apparent stiffness is a
quarter of the elastic stiffness (the K4 criterion) would be more suitable. This essentially
becomes a serviceability criterion and the solutions for deep, immediate breakaway may
be overly conservative, particularly if this approach were employed for pipelines. The
effects of anchor roughness, overburden and soil strength increase with depth were also
investigated by Merifield et al. (2001). The effects of overburden were investigated
using further bounding analyses with soils having cohesion and weight, and it was
found that the value of pullout capacity increased approximately linearly with
dimensionless strength ratio .H/cu. In common with Rowe and Davis (1982), Merifield
et al. (2001) observed that the anchor capacity increased up to a limiting value, which
represents the mode of behaviour for fully contained flow and reflects the transition
from shallow to deep behaviour; these upper and lower bound values were found to be
11.16 and 11.86.
Closed form upper and lower bound plasticity solutions were developed by Randolph
and Houlsby (1984) to assess the limiting pressure on a laterally loaded circular pile in a
clay soil. The soil was modelled as an isotropic, rigid, perfectly plastic material obeying
associated flow and the problem was reduced to a plane strain condition, providing a
solution for a long cylinder moving laterally through an infinite medium. For deep
failure of a buried pipeline (of diameter D) for a no breakaway condition in a clay soil
of shear strength (cu), the uplift capacity (Wu) is given by:

Wu  N p .cu .D

(5-11)
[ibid., Equation (5-2)]

where Np is a bearing capacity factor, which is a function of the adhesion (or roughness)
of the pipeline.
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The assumed failure mechanism for a fully rough pipe is shown in Figure 5-5. Soil is
seen to flow around the pipe from top to bottom. Triangular zones at the top and bottom
of the pipe bound a volume (abc), which stays rigidly attached to the pipeline during
movement. The other regions in the mechanism are shear fan zones. The mechanism
proposed is found to vary with differing surface roughness (adhesion, ). The value of
Np varies from 6 +  for a fully smooth pile ( = 0) to 4 2 + 2 for a fully rough pile
( = 1).
The certification organisation Det Norske Veritas recently issued a recommended
practice document [DNV-RP-F110, 2007] for Global Buckling of Submarine Pipelines.
The uplift resistance for shallow, immediate breakaway conditions is described by
equation (5-4) already shown in this paper. However, the uplift resistance for shallow
and deep conditions with no breakaway is described by the following equation:

(5-12)

Wu  N p .cu .D.

where Np is the uplift capacity factor, cu is undrained shear strength at centre of the
pipe, D is pipe diameter and  is an empirical factor based on field tests. The uplift
capacity factor can be expressed as:



 H  D/2
N p  2 1  1 / 3 arctan
(1   ) 
D





(

H  D/2
)  4.5
D

(5-13)

This factor also accounts for the adhesion at the pipe interface (), which varies from
zero to one for smooth and rough surfaces respectively. The variation of Np with
embedment ratio (h/D=(H+D/2)/D) and pipe roughness is shown in Figure 5-6; note that
‘deep’ conditions are found to occur for both smooth and rough pipelines at h/D=4.5.
The factor Np takes values of 9.14 and 11.94 for smooth and rough pipes (as per the
Randolph and Houlsby [1984] solutions) and 6.28 for both the smooth and rough cases
for h/D=0. The guideline also recommends that the use of an empirical reduction factor,
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, (with a range between 0.55 and 0.8) to account for rate effects, viscous effects and
progressive failure.

5.3 Numerical Methodology
Two dimensional plane strain finite element analysis of the pipeline uplift behaviour
was conducted using the software package PLAXIS (v8.2). Undrained soil conditions
were assumed and the modelling was carried out using a Mohr-Coulomb elastic
perfectly plastic soil model. The material parameters were undrained shear strength (cu),
Young's modulus (E), Poisson's ratio ( and unit weight (. A typical geometry used in
this study is shown in Figure 5-7. There is a line of symmetry down the centre of the
pipe, thus only half of the pipe-soil system is modelled and the line of symmetry was
replaced by a rolling, rigid boundary. The soil was modelled using 15-node triangular
elements, which provide fourth order interpolation for displacements; typically 50007000 elements were used for the whole domain, see Figure 5-8. Rigid boundaries were
located remote from the pipe so as not to interfere with failure mechanisms in the
deforming zone. The mesh was locally very fine in the clay adjacent to the pipe,
becoming coarser in the clay layers further away from the pipe. The pipes were assumed
to be rigid and were moved vertically upwards by one pipe diameter, or until failure was
achieved.
To investigate the effect of the embedment depth on the failure mechanisms, different
ratios of embedment depth to diameter were considered, from h/D=1 for shallow cases
to h/D=15 for deep cases. The total uplift force, Wu, was found from the resultant of the
stresses at the integration points adjacent to the sides of the pipeline (top, side and
bottom). Failure mechanisms for weightless soils and soils with weight are reported
herein; models were produced for varying strength ratios (.h/cu) from 0 to 15. For the
majority of the analyses, the undrained shear strength (cu) and the elastic modulus (E) of
clay were taken to have a ratio of E/cu = 200 for weightless material and 500 for soils
with weight and cu was 2 kPa in weightless material. For the weighted cases the value of
undrained shear strength was varied to achieve the required strength ratio, whilst the
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unit weight and E/cu were held constant. The value of Poisson’s ratio () for the clay
was assumed to be 0.495. To model the immediate breakaway and smooth cases,
portions of the pipe were surrounded by weak and smooth interface zones with slip
elements. For the immediate breakaway case, the interface between the pipe base and
the soil was assigned a strength parameter reduction factor of Rint=0.01. For the smooth
case, an elastic perfectly plastic interface was used with a shear strength identical to that
adopted for the clay, but with Rint =0.03. The Rint function in PLAXIS gives a reduced
interface friction and cohesion (adhesion) compared to the friction angle and the
cohesion in the adjacent soil, where tan (interface)= Rinttan(soil) and cinterface=Rint csoil
(Brinkgreve et al., 2000).

5.4 Numerical Analysis Results
In this section, the finite element analysis results for uplift of buried pipelines in
undrained clay soil are compared with the results from analytical and numerical
solutions, and field results for uplift of pipelines and thin anchors in clay soils. For the
finite element analyses, the variables considered were soil-pipeline interface roughness,
soil stiffness, coefficient of earth pressure at rest, embedment depth, detachment
condition and soil self-weight. The effects on the pullout behaviour of each of these
aspects are discussed in more detail below.

5.4.1 Pipeline uplift capacity and displacements
The normalised load against deflection behaviour is shown in Figure 5-9 to Figure 5-12.
The limiting case of a fully rough pipeline, with full bonding is shown in Figure 5-9 for
a range of embedments representing shallow to deep conditions. The curves have
peaked and reached failure after a displacement of approximately 20% of the pipe
diameter (although this is a function of the soil stiffness, E/cu which was 200). The
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pullout capacity is seen to increase with embedment, but eventually the increases are
relatively small for the same changes in embedment.
Similar results are found for the immediate breakaway and smooth bonded pipeline
cases shown in Figure 5-10 and Figure 5-11. These show lower pullout capacities than
the rough bonded case and smaller displacements to failure. The pullout data for a rough
bonded case with an embedment ratio h/D= (H+D/2)/D of 4 for different soil stiffnesses
(with E/cu varying from 50-450) is shown in Figure 5-12 and for h/D=1, 4 and 10 is
shown in Figure 5-13. The displacements have been normalised by .E/cu.D and it can
be seen that all of the deep embedment curves collapse down to a single normalised
pullout force-displacement curve that peaks at a value of .E/cu.D of 30 and all of the
shallow embedment curves collapse down to a single normalised pullout forcedisplacement curve. Dependency of the results on the value of E/cu is less significant at
shallow embedments and depends more on h/D since the limit load is reached relatively
quickly. The results were also found to be insensitive to variations in the coefficient of
earth pressure at rest and all of the results presented herein represent a case of K0 = 0.8.
The normalised uplift force Np= (Wu/(cuD) or Wu/(cuB)) for a rough fully bonded
pipeline in weightless soil is shown in Figure 5-14 as a function of the normalised
embedded depth (h/D or h/B) The finite element analysis failure loads were obtained
from /D=0.2 criterion and the K4 criterion, which corresponds to an apparent stiffness
of one quarter of the elastic stiffness (Rowe and Davis, 1982). For the pipeline, the
value of Np at zero embedment (h/D=0) is 5.54 [pipeline buried to D/2] and this
increases to a value of 12.11 for an embedment ratio of (h/D= 4) and remains constant
for deeper embedment ratios. The critical depth for transition from shallow to the deep
mode occurs at an embedment ratio of approximately 3. These results can also be
compared with the upper bound plasticity solution derived by Randolph and Houlsby
(1984), which suggests 11.94 for a fully bonded circular pile (deep condition) and the
results from an upper and lower bound plasticity solutions derived by Murff et al.
(1989), which suggest a lower bound of 5.4 and an upper bound of 5.92 for a rough
pipeline at zero embedment. The uplift factors for vertical pull out (Na= Wu/(cuB)) of a
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horizontal, rough and fully bonded plate anchor (Rowe and Davis, 1982) are also shown
in Figure 5-14. The uplift factor starts from 5.14 at zero embedment ratios. The critical
depth for transition from shallow to the deep mode occurs at an embedment ratio (h/B)
of approximately 2.5 to 3 and remains constant for deeper ratios, with a value of 11.59,
compared to 11.42 by Rowe (1978) from an upper bound plasticity solution. These
comparisons of the finite element analyses and analytical solutions in the literature
show reasonable consistency between the results; the pipeline results tend to be a little
higher with 7.7% and 4.5% greater pullout capacity for the deep and shallow cases
respectively, and the transition depth is slightly deeper than that from Rowe and Davis
(1982). The results are also compared to the results found with DNV-RP-F110 (2007),
which are under conservative for shallow and immediate embedments (6.28 at zero
embedment) for a fully bonded pipeline and coincide with the Randolph and Houslby
(1984) value of 11.95 at deep embedments.
The numerical results are also compared with the experimental pipe pullout test data in
soft Glyben (52.5% Glyben) from Chapter 4 (from Figure 4-12). Np at zero embedment
corresponds with a value of 5.0 and this rises to a value of 12.0 for an embedment of
(h/D=5.9); this value remains constant for deeper embedment ratios. The critical depth
for transition from the shallow to the deep mechanism occurs at an embedment ratio of
approximately 5.0 for the experimental tests in soft Glyben. The comparisons of the
finite element analyses with experimental pullout tests results show reasonable
consistency, although the experimental test results tend to be slightly lower, with about
8% smaller pullout capacity for the shallow cases, and the transition depth is slightly
deeper than that from numerical and analytical solutions. Value of .H/cu found in the
pullout tests performed in Chapter 4 were found to range between 2.3 and 3.6. The
results with Np values less than upper bound appear to be due the formation of an
incomplete flow around mechanism (from the displacement field observation of PIV
analysis in Chapter 4) in some of the shallower experimental pullout tests.
The data in Figure 5-15 shows the case for immediate breakaway from the rough
pipeline during pullout. For a deeply embedded pipeline, the rough uplift factor was
5.54. This compares to a value of 5.36 found by Rowe and Davis (1982) from finite
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element analysis of a plate anchor. The immediate breakaway uplift factor for a rough
anchor from finite element limit analysis and cavity expansion theory is about 7.5 and
6.99 from studies Merifield et al. (2001) and Yu (2000). The critical depth for transition
from shallow to the deep mode for each approach is approximately the same and occurs
at an embedment ratio (H/B) of approximately 4. Comparison of the different finite
element and analytical solutions for immediate breakaway shows excellent agreement
between the results for shallow and intermediate depths. The Schaminee et al. (1990)
mechanism also compares well with the shallow embedments. The values of normalised
force for a rough fully bonded pipeline and plate anchor at zero embedment and rough
deep embedded pipeline (or plate anchor) with immediate breakaway are both close to
the theoretical Prandtl value of Na=2+  for a surface footing. This corresponds with
observations that the undrained capacity and failure mechanism of buried objects at
shallow embedment are very similar for bearing and pull-out problems.
For a smooth pipeline, the finite element analysis shown in Figure 5-16 indicates that
the uplift factor for a smooth pipeline varies from 4.47 at zero embedment to a limit
value of 9.31 for deeper embedment. In contrast to the rough and immediate breakaway
cases, the critical depth for transition from shallow to the deep mode for the smooth
case occurs at an earlier embedment ratio of approximately 2. The uplift factors
compare to the results from an upper and lower bound plasticity solution derived by
Murff et al. (1989), which suggest a span between 4.0 and 4.99 for zero embedment.
These values compared to the DNV which suggests 6.28 at zero embedment and 9.12
for deep conditions. This is the same as the value for zero embedment as the rough case
from DNV and is even under conservative for shallow embedments, becoming over
conservative for intermediate embedments and eventually coinciding with the Randolph
and Houlsby (1984) solution for a smooth cylinder. The solutions for a smooth anchor
from Rowe and Davis (1982) are exactly the same as for a rough anchor, thus the values
are grossly under conservative at all embedments, although for practical situations an
intermediate roughness may be more appropriate for pipelines in field situations, thus
the variance would be lower.
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Figure 5-17 shows the variation in bearing factor (Np) with roughness for a fully
bonded, deep condition derived from the finite element analyses. Values for  = 0 and 1
correspond with the limits of fully smooth and fully rough soil-pipe interfaces. This
compares well with the revised upper bound plasticity solutions of Martin and Randolph
(2006) for a circular pile translating laterally through an undrained clay [also shown in
the figure]. Randolph and Houlsby (1984) derived a closed form expression using the
method of characteristics to describe this variation:
 
  
N p    2  2 cos   4cos   sin  
 2 
 2

(5-14)

where  = sin-1. This is thought to give exact values of Np that range from 6+=9.14
(when =0) and 4√2+2=11.94 (when =1), which represents a reduction in uplift
capacity of 23.5%. Whilst Rowe and Davis (1982) found little difference in the Np value
for rough and smooth thin plate anchors, additional analyses with thicker
(thickness/width ≈ 1) translating diamond shaped anchors showed rough, fully bonded
values of 11.56 for Np and a 25% reduction for a smooth bonded case. Thus it is
tempting to speculate that certainly for rough, bonded cases the value of Np is relatively
insensitive to the shape of the object translating through the undrained clay soil.

5.4.2 Plastic regions and velocity fields at collapse
For very shallow embedments with immediate breakaway, the failure mechanism
consists of the upward movement of a rigid soil block immediately above the pipeline.
(Figure 5-21c) As the embedment increases, the zone of plastic shearing extends
outwards from the pipe and causes an increase in the area of soil which deforms at the
surface (Figure 5-22c and Figure 5-23b)
For the shallow bonded case, vertical shear plane extends upwards from the edge of the
pipe to the surface and the soil is drawn in from behind. When separation or immediate
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breakaway occurs, only the shear plane above the plate is required. (Figure 5-21 and
Figure 5-23). For deep anchors the form of the velocity field at collapse is essentially
independent of overburden pressure.

5.4.3 Effect of overburden pressure
Figure 5-24 and Figure 5-25 shows the variation in uplift factor with normalised self
weight (.H/cu). The immediate breakaway and no breakaway conditions correspond to
cases of initial overburden stress of zero and very large ratios. The graph shows
increases in uplift capacity with increasing self-weight and embedment ratio between
these two limit cases. The assertion by Merifield et al. (2001) and Rowe et al. (1982)
that the effect of overburden can be accounted for by assuming a linear relationship and
superposition of the overburden ratio on the immediate breakaway case also appears to
be valid for pipelines. The data in the graph also suggests that the no-breakaway
condition is reached once the overburden stress exceeds 6cu. For soft normally
consolidated clays (Ladd and Edgars, 1972) the self-weight is found to lie between the
range of 6<.H/cu<12 and for highly over consolidated clays the range is 1<.H/cu<2.5.
Thus for offshore trenched materials, the values are likely to be in this higher range.
Generally it can be seen that the transition from shallow to deep behaviour occurs at
lower embedment ratios as the overburden ratio (.H/cu) increases. This phenomena can
be seen in Figure 5-26 and Figure 5-27, where the effect of increasing the overburden
ratio from 2 to 15 is shown in images of the shear strain contours of cases of h/D of 2
and 4 (shallow and intermediate). Both cases show the transition from immediate
breakaway to enforced attached behaviour due to the self-weight of the soil and the
requisite increases in uplift capacity that this entails. Thus the advantages of the usage
of sand or rock berms overlying the clay layer (ignoring any additional frictional effects
of this material) are illustrated clearly and also the possibility of more common deep
mechanisms of failure occurring in these very soft offshore trench backfills than are
assumed.
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5.5 Discussion
5.5.1 Full scale and reduced scale results
Laboratory studies of pipe and anchor uplift behaviour in clay soils has been quite
limited. Most of those reported in the literature have had the disadvantage that scaled
models were used (without an enhanced gravity field) and thus the stresses in the model
were not equivalent to the prototype. Some full scale tests have been conducted, but
there have also been limits on the size of the chamber required and boundary effects
may be problematic. The details of these tests are given below.
More recently, centrifuge modelling was conducted by Chin and Craig (2004). This was
conducted on the Manchester centrifuge to determine uplift factors for pipes (at 16 g) in
sandy-clay soil. Load-displacement results and uplift factors (fd) were presented and
were found to range from fd = 0.09 to 0.36 for range of embedments (H/D = 2.75 to 5.0)
and undrained loading conditions. Further testing on clay backfills was conducted on
the Dundee centrifuge by Bransby et al. (2002). A range of embedments were
investigated (H/D from 2.7 to 3.4) with various prototype times (0.5 to 2 months) from
burial to investigate the pullout properties during undrained pullout. The silty-clay
backfill material was presumed to be slurried from trench jetting and extremely low
uplift factors were found (fd = -0.22 to -0.02). These values are in contrast to typical
uplift factors (for blocky clay and drained pullout) assumed for clay backfill of fd = 0.3
to 0.5.
Schaminee et al. (1990) and Bonar and Ghazzaly (1973) also report a series of
‘floatation’ tests in slurried clay soils using pipelines at low embedments (H/D = 2),
with full scale pipe diameters (0.3 m and 0.9 m).
Data for embedments over H/D of 5 is not available, hence identification of the critical
depth for transition from shallow to deep mechanisms is unclear. Also plotted on the
figure are two points from tests reported by Wantland et al. (1979) for full scale pipe
embedment into a clay seabed; these points represent a pullout case for a zero
embedment (H/D = 0) for a fully bonded case. Due to the difficulty of identifying
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accurate estimates of undrained shear strengths with depth, these results should be
treated with some caution.
Data from field tests and correctly scaled model tests conducted in the centrifuge are
shown in Figure 5-28. This shows tests conducted at a range of embedments. The data
lie between the two extreme cases of immediate breakaway and the rough bonded cases,
and making allowance for the scatter, have the same general response with lower
increases in capacity with larger embedments. Since none of the tests were conducted
with any form of venting system or test design to create an immediate breakaway
situation, the reduction of the resulting pullout capacity is most likely due to a
combination of pipe roughness (intermediate between fully rough or smooth), loss of
adhesion/suction during pullout and tension effects due to self-weight of the soil above
the pipeline.
A number of scaled model studies conducted at natural gravity have been omitted from
this graph since .H/cu is not representative of field scale situations (initially being
almost zero). This would have caused tensile stress in tension zones above the pipeline
and can lead to reductions in pullout capacity of up to 30% (Thorne et al., 2004). In
addition, Thorne et al. (2004) observed that the capacity of shallow anchors in soil with
self-weight was affected by the initial horizontal stresses, again suggesting care should
be taken with the interpretation of small scale tests and field scale tests conducted by
compacting clay fill (e.g. Schaminee et al. 1990). These effects would tend to be most
pronounced for soils with low values of .H/cu.

5.5.2 Variation of pullout capacity with roughness
The similarities of the failure mechanism for the pipe problem described herein, with
the analysis of Randolph and Houlsby (1984) for a deep pile moving laterally through
an undrained clay soil, has already been stated. For this analysis the material is assumed
to be perfectly plastic, with an associated flow rule, which leads to constant volume
deformation. As pipe moves laterally through the soil, a region of high mean stress
occurs ahead of the pipe and low stress behind the pipe. Soil flows around the pipe from
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top to bottom. Adhesion at the soil-pipe interface is assumed to be constant factor of the
soil undrained shear strength (a=.c). The plane through the centre of the pipe (ABO) in
Figure 5-29, parallel to the direction of movement is a plane of principal stress and
stress characteristics intersect it at 45o. The plane going through centre of the pipe,
perpendicular to the direction of movement (OE) is also found to be a characteristic and
the soil elements at the extreme edge of the pipe (D) in this plane are essentially
stationary.
A rigid triangular zone of soil exists at the crown (ABC) and base (FGH) of the pipe
which moves along with the pipe at the same velocity. Within this zone the full
adhesion is not mobilised on the pipe surface. The flow mechanism between ACDHFE
consists of series of shear fan zones, causing soil to flow from front to back of the pipe.
The velocity of flow increases approximately linearly with distance from the pipe up to
the edge of the shear zone and the majority of the circular streamline arcs are centred
slightly inside the edge of the pipe. The normal stress along the plane ED is o (the
reference stress). Along AC to the pipe face, the normal stress is o +3cu/2 and the
shear stress along AC is cu.rosin(/2), where ro is the radius of the pipe. Thus the shear
force along AC is a function of the size and roughness of the pipe, and the undrained
shear strength. Comparing the failure mechanisms for the extreme cases of fully rough
and smooth pipes (Figure 5-29 and Figure 5-30), it can be seen that the higher resistance
for the rough pipe is due to the larger deforming region and the lack of a ‘false head’ of
soil moving with the pipe. In contrast, the mechanism for the rough anchor shown in
Figure 5-31, whilst displaying similarities, is almost as big and does not vary with
roughness for a thin anchor; the majority of shearing occurs along the soil interface,
with a much larger ‘false head’ of soil than for the pipe geometry.
For intermediate and shallow cases, whilst the mechanism for a smooth bonded pipeline
is slightly smaller than the equivalent rough case, the mechanism and the pullout
resistance is very similar. For intermediate and shallow cases with immediate
breakaway, since most of the soil is moving upwards, the effect of shear along the
pipeline boundary is very small, and the pullout resistance and mechanisms very similar
for rough and smooth cases.
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5.5.3 Design equations
To aid the design process a number of relationships have been determined for both
weightless soils and soil with weight from the numerical analyses. Figure 5-32 and
Figure 5-33 provides curve fit for attached and vented weightless soils. For the attached
no breakaway case, N*po can be found from:

h
h
h
N *po  0.0193( ) 3  0.4443( ) 2  3.0872( )  5.6627
D
D
D

(5-15)
[h/D ≤ 5]

and for vented (immediate breakaway) case:

h
h
h
N po  0.0155( ) 3  0.3462( ) 2  2.5172( )  0.0761
D
D
D

(5-16)
[h/D ≤ 5]

For a smooth case, equation (5-15) can be multiplied by a reduction factor as a function
of smoothness (). The results of reduced (N*po) is shown in Figure 5-17 for various
roughness and can be used as a design tool.
Figure 5-24 shows the effect of overburden on uplift factor. It shows a linear increase of
uplift factor with increasing the H/Cu until it reaches the uplift factor of the fully
bounded condition, similar to observations of Rowe and Davis (1982). Therefore the
effect of overburden can be found from:

sh * 
, N po 
N p  min  N po 
Cu



(5-17)
[h/D ≤ 5]
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where, ‘s’ is a coefficient for the effect of overburden and is about 0.9 for most of the
cases. Figure 5-34 shows finite element results of the increasing uplift factor with
increasing overburden and the prediction of uplift factor with equation (5-17) is also
presented on the graph. The estimated values of fu for the equivalent Schaminee (1990)
mechanism (equation (2-24)) is in the range of 0.5 and 7.2. Since Schaminee
recommends a value of fu=0.2, this clearly shows the limitation of the vertical
mechanism for different cases (involving localised flow around mechanism) and the
effect of the overburden pressure.
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5.6 Conclusions
Based on the numerical study of the behaviour of pipeline uplift in clayey materials, the
following conclusions can be drawn:
There has been a variety of analytical, numerical and experimental studies reported in
the literature, which have the aim of addressing the uplift resistance of buried objects in
clays and sand, and the majority of these relate to strip anchors rather than pipelines.
Finite element analysis of the pipe pullout demonstrates that failure mechanisms at low
embedment ratios for clay extend to the soil surface and are limited to the soil directly
above the object. This ‘shallow’ behaviour changes for embedments greater than H/D =
2.5, where greater volumes of soil are deformed beyond the width of the object,
increasing the pullout capacity of the object and this is described as ‘intermediate’
behaviour. The transition from shallow and intermediate failure (where the slip planes
reach the soil surface) to deep failure (where the soil deformation is localized and not
affected by the soil surface) for a weightless clay soil occurs between embedment ratios
(H/D) of 4 to 5. No analytical model currently exists to predict the uplift factor for these
intermediate depths.
Predictions of the uplift force from the methods differ to some extent, but those
currently used (i.e. the inclined slip model and the Randolph/Houlsby flow model)
bound the possible embedments and breakaway conditions. Uplift loads for buried
objects in clay increase with increasing embedment up to limits that are partly
dependent on the detachment of the soil behind the object (i.e. the breakaway or no
breakaway conditions) during pullout. Depending on the magnitude of the normalised
overburden (H/cu), buried objects in clays will behave as though they are buried more
deeply, depending on the magnitude of the normalised overburden (H/cu).
Laboratory scale and field results for homogeneous clays suggest that the pullout
behaviour for field scale pipelines lies somewhere between the immediate breakaway
and no breakaway cases. The current ASCE pipeline design curves are based on the
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Rowe and Davis K4 failure criterion for strip anchors, which may be conservative for
higher embedment ratios. Predictive tools have been developed from the finite element
analysis and have been validated against the experimental test results from chapter 4,
for possible use in buried pipeline design.
The models described are sufficient to calculate the pullout behaviour of buried anchors
and pipelines (but not mobilisation distance), but our current lack of understanding of
the behaviour of trench backfill states still introduces some uncertainty into the design
process.
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Figure 5-9. Normalised force against displacement curves for rough, fully bonded (no
breakaway) pipelines.

Normalised force ( Wu / Cu D )

8
7
6
5
4
h/D=1
h/D=2
h/D=4
h/D=7
h / D = 10

3
2
1
0
0

0.2

0.4

0.6

0.8

1

1.2

Normalised displacement ( / D )

Figure 5-10. Normalised force against displacement curves for immediate breakaway
pipelines.

297

10
Normalised force ( Wu / Cu D )

9
8
7
6
5
4

h/D=1

3

h/D=2

2

h/D=4

1

h/D=7

0
0

0.2

0.4

0.6

0.8

1

1.2

Normalised displacement (  / D )
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Figure 5-26. Comparison of effect of overburden in velocity field for h/D = 2 (.H/Cu = 2
and 15).

Figure 5-27. Comparison of effect of overburden in velocity field for h/D = 4 (.H/Cu = 2
and 15).
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6 CONCLUSIONS AND SUMMARY
A program of scaled physical models were carried out with synthetic clay (Glyben),
sand and gravel, as single homogeneous and layered materials, addressing the
quantification of the uplift behaviour of buried offshore pipelines. Soil deformation
measurements were studied using the models, employing the particle image velocimetry
(PIV) technique to investigate the velocity fields and failure mechanisms. Numerical
finite element analyses were conducted to study the resistance of undrained soils against
upheaval buckling of buried pipelines to aid interpretation of the laboratory pullout tests
and to conduct further parametric studies. Current state-of-the-art design methods for
upheaval buckling pipeline were assessed and further guidance for the design of buried
pipelines for clays, granular soils and layered soils is provided. Some aspects of
uncertainty in this area are also discussed.
The key findings from this research are:
For the experimental uplift tests on homogeneous soils, greater peak normalised uplift
forces for dense sands is observed compared to loose sands. In comparison with the
peak uplift forces observed in the sands, greater peak uplift force is observed for gravel
soils. The peak uplift forces are approximately equal for fine and coarse sand, under the
same overburden pressure and relative densities. In all of the dense sand and gravel
pullout tests, apparent post-peak softening was observed.
The PIV analysis of the pullout tests in granular materials shows that for most of the
tests, the White wedge mechanism is observed at early stages of pull out around the
peak displacement and loads, and a flow-around mechanism is observed after larger
displacements. However, in very loose sand tests, the flow-around mechanism may
occur at earlier stages (even at peak uplift). In common with the observation of Cheuk
et al. (2008), Schupp et al. (2006) and Vanden Berghe et al. (2005) in sand tests, at
larger displacements, a gap (with an angle close to ′cr) forms beneath the pipe and a
flow-around mechanism starts to develop.
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In contrast, study of the soil deformation mechanisms in gravel shows a very broad zone
of heterogeneous volumetric dilation occurring ahead of the pipe, which has the same
overall dimensions as the White wedge mechanism, but the uniformity of the strains
through the zone is very low.
A scaling issue in the gravel tests has been identified, where increasing the size of the
soil particles compared to the pipe size, causes the ratio of the measured to predicted
load (load factor) to increase. The relationship between load factor and pipe to particle
size ratio has been investigated and may be utilised as a reduction factor on the uplift
factor design values, to reflect the possible particle size effects.
For various analytical design methods, industry standard uplift factors were used to
predict the uplift resistances in the experimental uplift tests on homogenous granular
materials, in addition to further tests in the literature. The results showed divergence
from the measured uplift forces to some extent, which is thought to be linked to
incorrect uplift factor values suggested by industry standards and other uncertainty with
other soil parameters. The White et al. (2001) method demonstrated the smallest
deviations from the measured uplift values.
To investigate the source and degree of deviations of the predicted uplift forces and to
better understand the soil conditions, a series of back-analyses was conducted on the
experimental tests, to determine the values of a number of soil parameters that were
required to match the test observations. Higher uplift factors, coefficients of lateral
pressure and friction angles were all found from the back analysis of the pullout tests.
A dimensional analysis has been performed to determine a relationship between the
uplift factor and other dimensional groups. Some of the dimensional groups that were
found are (Wu/(′ D2)), (Wu/(′ HD)), (H/D), and (H/D. tan ′pk). With a data set from
the experimental tests performed in this thesis and also additional data from the
literature, the best correlations were found to be between N*=Wu/(D2) and embedment
ratio (H/D).
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These relationships were Wu/(D2)=2.14(H/D)1.32 for sand and Wu/(D2) =3.32(H/D)1.36
for gravel. This strong correlation between N* and embedment ratio could be linked to
the importance of the effect of stress level on uplift capacity. These strong correlations
suggest that these relationships can be used as part of a design tool to predict more
accurate values of uplift forces and uplift factors.
The uplift factors (Schaminee (fd), DNV (fm) and White et al. (f2)) have been calculated
from the above mentioned relationships, for the tests performed in the granular material
in this thesis and performed significantly better than the industry standard uplift factor
values for predicting the uplift resistances.
Peak uplift load is mobilised at displacements around (0.01D to 0.02D), in fine sand
tests, but in deep coarse sand with overburden, it is mobilised at larger displacements of
(0.1D). Other researchers reported a range of between 0.01D and 0.4D for loose sand
and between 0.01D to 0.15D for dense sand.
Reviewing the peak displacement values in loose and dense sand, shows greater
displacements (peak) to peak uplift load are found to occur for loose sands compared to
dense sands in the experimental tests. The comparison between peak displacement
between gravel, fine and coarse sand shows, displacement to peak load in gravel is
greater than for fine and coarse sand, and peak displacements for coarse sand are greater
than fine sand under the same overburden pressure and relative densities. No
correlations seem to exist between peak /H and peak /D and embedment ratio. Although,
the data sets used show increasing displacements with larger grain size and reduced
relative densities generally.
For the undrained experimental pullout tests results, the velocity fields and failure
mechanisms in homogeneous Glyben show reasonable consistency with the quantitative
loads and displacement, failure mechanisms and velocity fields found in the finite
element analyses in Chapter 5.
For the experimental pullout tests in layered materials, with increasing Glyben
thickness, displacements to peak uplift load increases and the peak load reduces. Hence,
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increasing the granular layer thickness, together with reduction of the pipe embedment
in the clay layer, results in a higher uplift resistance for a smaller mobilisation distance.
The layered tests results show that the maximum peak load occur when the Glyben
interface is placed on the crown of the pipe.
For all of the pipe uplift tests in layered materials, the uplift resistance begins to
increase before it approaches the Glyben-granular material interface (the influence zone
in the weak layer) and reaches a maximum value after it passes the interface by about a
quarter to half a pipe diameter into the granular material (the influence zone in the
strong layer). The length of the influence zone in the strong layer (Zs/D) is therefore
essentially constant between 0.25 and 0.5. The influence zone of the weak layer (Zw/D)
is similar to that seen by other researchers and shows an approximately linear
relationship for the ratio of uplift resistance in the strong layer to weak layer (qcA/qcB).
As (qcA/qcB) increases, (Zw/D) reduces, whereas the influence zone of the stronger layer
versus (qcA/qcB) remains essentially constant between 0.25 and 0.5 for different tests.
Studying the displacement field results of the PIV analysis (for experimental tests in
clay) shows that the pipe pullout in homogeneous Glyben material starts with a
“compression mechanism”, where compressive stresses in soil above the pipe increased
with no rotation of principle axes, followed by initiation of a “flow around mechanism”
and continued until the full flow-around mechanism forms. These mechanisms were
also confirmed in the displacement field results found from the finite element analysis.
In the Glyben-sand layered backfill with overburden, contained flow-around
mechanisms were observed until the pipe approaches the interface between the two
layers; the mechanism was found to widen as it approaches the interface. When the
crown of the pipe breaks into the sand layer above the Glyben, the flow mechanism
starts to compress and a wedge mechanism similar to the White mechanism eventually
develops. A partial flow-around mechanism similar to that seen by Schupp (2006) and
Cheuk (2008) is observed when the pipe progresses far enough into the sand.
During pipe pullout through the layered Glyben-gravel with overburden, similar
behaviour was observed, starting with a localized compression response, followed by an

316
extended flow-around mechanism in the Glyben. When the flow-around mechanism
encroaches on the interface, the gravel starts to compress and a wedge mechanism
develops. This mechanism grows as the pipe progresses into the gravel layer. The gap
and the slope behind the pipe is reduced and the peak load is reached.
The finite element analysis of the pipe pullout in clay shows that the failure mechanisms
at shallow embedment extend to the soil surface and they are limited to the soil directly
above the object. For embedments greater than H/D = 2.5, this ‘shallow’ behaviour
changes and greater volumes of soil are deformed beyond the width of the object,
increasing the pullout capacity of the object and this is described as ‘intermediate’
behaviour. The transition from shallow and intermediate failure (where the slip planes
reach the soil surface) to deep failure (where the soil deformation is localized and not
affected by the soil surface) for a weightless clay soils occurs between embedment
ratios (H/D) of 4 to 5. No analytical model currently exists to predict the uplift factor for
these intermediate depths.
The inclined slip model and the Randolph/Houlsby flow model bound the possible
embedments and breakaway conditions for predictions of the uplift force. With
increasing embedment, uplift loads for buried objects in clay increase up to limits that
are partly dependent on the breakaway (detachment) or no breakaway conditions during
pullout. With increasing the normalised overburden (H/cu), buried objects in clays will
behave as though they are buried more deeply, depending on the magnitude of the
normalised overburden (H/cu).
The current ASCE pipeline design curves are based on the Rowe and Davis K4 failure
criterion for strip anchors, which may be conservative for higher embedment ratios.
Predictive tools have been developed from the finite element analysis and have been
validated against the experimental test results from Chapter 4, for possible use in buried
pipeline design. The models described are sufficient to calculate the pullout behaviour
of buried anchors and pipelines (but not the mobilisation distance), but our current lack
of understanding of the behaviour of trench backfill states still introduces some
uncertainty into the design process.
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Recommended areas for further study
i.

While our understanding of upheaval buckling is developing, very few studies
have addressed the three dimensional aspects of the thermal initiation of the
upheaval buckling phenomenon, particularly at large scale. Therefore a
comprehensive study for addressing this issue needs to be performed.

ii.

In offshore pipelines, a combination of periodic heating and cooling caused by
line interruptions and initial lay imperfection can gradually ratchet the pipe
upwards. Once the pipe starts to move upward, the curvature of the bending pipe
increases and it becomes unstable and can move suddenly, reaching a new
equilibrium position. This area is very poorly understood and requires further
research.

iii.

Trenching for offshore pipelines is typically performed with trench cutters,
ploughing and specialised water jetting. These techniques produce disturbance
to the structure of seabed soil and will change the in-situ mechanical behaviour.
Disturbance of the seabed depends on soil type and its state and mode of
operation of the trencher. Our current lack of understanding of the behaviour of
trench backfill states introduces significant uncertainty into the design process
and more study needs to be done for understanding of the material behaviour
after trenching.

iv.

Ploughed soft and stiff clay trench backfill can be lumpy in nature with large
pieces of intact clay, creating a heterogeneous structure. Stiff clay is believed to
fracture and remould and very soft or silty clay may even liquefy. The surfaces
of the clay lumps will be remoulded and soften due to exposure to free water
during ploughing. The voids between the lumps will be filled with water, slurry
and sand fractions if present. This dual porosity material will consolidate much
faster than a homogeneous material consisting of purely intact material.
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Upheaval buckling of pipeline in this lumpy clay with dual porosity behaviour is
different from homogenous trenched clay and can be an area for further study.
v.

Current homogeneous material soil models appear to be sufficient to calculate
the peak pullout forces in some, but not all cases and there is no specific analysis
for pullout in the layered soil cases. Potential consequences for the industry are
overdesign or under design, and significant extra cost for design remediation
with rock fill berms. Numerical analysis of the layered material has found to be
a great challenge especially dealing with interface between clay and granular
layer and continuity of the mechanisms from one medium to another during
pullout. More work for solving pipe uplift problems associated with layered soil
modeling needs to be done.

vi.

Further work needs to be conducted on finding an appropriate analytical
expression to represent the flow mechanism in very loose sand and post-peak
behaviour of the pipe pullout in granular material more accurately. For instance,
analytical plastic bounding theorem analysis (upper and lower bounds) of pipe
pullout in very loose sand should be studied further.

vii.

The discontinuous nature of the gravel deformation mechanisms appear to show
a projection of a three-dimensional force chain structure and have no discernable
shear banding at the mechanism edges. Modelling with current approaches
appears to be extremely difficult and more study may need to be performed for
the development of the strain localization in the gravel loading mechanism.

viii.

Generally, more work needs to be performed to create models to find
mobilisation distances of pullout of buried anchors and pipelines.
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Appendix A-Supplementary shear box test results
Vertical displacement versus horizontal displacement of box tests of fine and dense
sand under an overburden of 4 kPa to 25 kPa are shown in Figure A-1 to Figure A-6
respectively.
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Figure A- 1. Shear box test, dense coarse sand, 4 kPa overburden
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Figure A- 2. Shear box test, dense fine sand, 4 kPa overburden
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Figure A- 3. Shear box test, dense coarse sand, 10 kPa overburden

12

14

321

Vertical displacement (mm)

0.5
0.4
0.3
0.2
0.1
0
0

2

4

6

8

10

12

14

Horizontal displacement (mm)

Figure A- 4. Shear box test, dense fine sand, 10 kPa overburden
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Figure A- 5. Shear box test, dense coarse sand, 25 kPa overburden
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Figure A- 6. Shear box test, dense fine sand, 25 kPa overburden
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Appendix B-Supplementary tests results for Glyben
The load-displacement responses of pullout test of stiff Glyben (50% Glyben) are
shown in Appendix B. The embedment ratios varied from shallow (h/D=2.5) to deep
(h/D=7.5) and Glyben was prepared for two levels of compaction: low compaction
Glyben with 5 blows of the Proctor hammer on each layer and high compaction Glyben,
which had 10-15 blows of the Proctor hammer on each layer. The peak uplift resistance
of the low compaction stiff clay (50% Glyben) at an embedment ratio of h/D=2.5
mobilises at 25 mm and reached a value of 427 N, whereas in the high compaction
Glyben, the peak uplift resistance mobilised at a displacement of 28 mm and reached a
value of 525 N. The peak uplift resistance of low compaction 50% Glyben at an
embedment ratio of h/D=4.5 is 627 N and increases to 974 N for high compaction
Glyben at the same embedment ratio. At an embedment ratio of h/D=5.9, the maximum
uplift resistance of the high compaction Glyben reaches 1081 N and increases to a value
of 1361 N for an embedment ratio of h/D=7.5.
Figure B- 2 shows the normalised uplift force or uplift factor Np (= Wu/Cu D) as a
function of normalised embedment ratio (h/D) obtained from pipeline pullout test of
stiff Glyben (high compaction 50% Glyben).The value of the uplift resistance factor is
3.65 at embedment ratio of h/D=2.5 (shallow embedment) and increases to a value of
7.2 at an embedment ratio of h/D=7.5 (deep embedment). The results are compared to
finite element analyses immediate breakaway pipe in a weightless soil and finite
element analyses of Rowe and Davis (1982) of a horizontal plate anchor. The finite
element analysis failure loads were obtained from /D=0.2, /D=1 criterion. For a
deeply embedded pipeline, the rough uplift factor based on /D=0.2 criterion was 5.54.
This compares to a value of 5.36 found by Rowe and Davis (1982) from finite element
analysis of a plate anchor. The immediate breakaway uplift factor for a rough anchor
from finite element limit analysis and cavity expansion theory is about 7.5and 6.99 from
studies Merifield et al. (2001) and Yu (2000). This compares to 7.52 from /D=1
criterion.
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The critical depth for transition from shallow to the deep mode for numerical
approaches is approximately the same and occurs at an embedment ratio (H/B) of
approximately 4. Comparison of the results of the experimental pullout tests of stiff
Glyben are generally well bracketed between the finite element analysis failure loads
obtained from /D=1 criterion and the cavity expansion theory studies by Yu (2000)
and diverges at shallow embedment ratios H/B<4. The origin of this divergence could
be related to the stress ratio and scale effect.
Characteristics of Glyben made with various percentage of glycerol are shown in
Appendix B. In Table B-1, consolidation properties of 47.5% Glyben are shown and a
summary of shear strength and densities of Glyben for different compaction levels is
shown in Table B- 2.

Table B- 1. Consolidation of 47.5% Glyben
Pressure P
(kPa)

0

Final Dial
Reading
(mm)

Change in
specimen
height
(mm)

7.701

Final
specimen
height Ht(f)
mm

Height
of void,
Hv
(mm)

Final void
ratio
(e)

15

8.8

1.419354839

14.223

8.023

1.294032258

14.011

7.811

1.25983871

13.871

7.671

1.237258065

13.659

7.459

1.203064516

13.176

6.976

1.12516129

0.777
50

6.924

100

6.712

200

6.572

400

6.36

800

5.877

0.212

0.14

0.212

0.483

Average
height
during
consolidation
Ht(av)
mm

Fitting
time(min)

Cv(m2/year)

av
(m2/kN)

mv
(m2/MN)

k(m/s)
Coefficient Of
permeability

t50

Coefficient
of
compressibility

coefficient
of
volume
compress

3.030

0.553

0.002506452

1.036

9.732E-10

1.774E-10

11

1.851

0.469

0.000683871

0.298108697

1.710E-10

4.334E-11

13

4

1.666

1.258

0.000225806

0.09992149

5.160E-11

3.895E-11

13.765

14

5.2

1.508

0.943

0.000170968

0.076418427

3.572E-11

2.234E-11

13.4175

16

10

1.254

0.466

0.000194758

0.088403251

3.435E-11

1.277E-11

t90

t50

14.6115

7.85

10

14.117

12

13.941

t90

t90

ta
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Table B- 2. Summary of test conditions and key results for various types of Glyben
Batch Glycerol
Total
Percentage of
Vane Shear
Density
Remarks
No.
weight (g)
weight
Glycerol (%) strength (kPa)

(g)
(g/cm3)
1

667

1667

40%

> 40

1.766

25 blows per layer

2

743

1651.8

45%

40

1.75

25 blows per layer

3

777

1636

47.5%

22.3

1.73

25 blows per layer

4

812.5

1625

50%

16.4

1.72

25 blows per layer

5

-

-

45%

28.7

-

10 blows per layer

6

-

-

47.5%

25.1

-

10 blows per layer

7

734

1631.2

45%

29.2

1.73

10 blows per layer

8

-

-

45%

32.1

-

10 blows per layer

9

-

-

50%

10.3

-

10 blows per layer

10

245

544

45%

21

-

10 blows per layer

11

267

667.5

40%

>40

-

10 blows per layer

12

-

-

42.5%

>40

-

10 blows per layer

13

314

698

45%

>40

-

25 blows per layer

14

340

717

47.5%

28.6

-

25 blows per layer

15

365

730

50%

17.9

-

25 blows per layer
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Figure B- 1. Load-Displacement response, 50 % Glyben
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Figure B- 2. Normalised force-normalised embedment depth and finite element analyses
results of anchor and pipeline in 50% Glyben.
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Appendix C-Dimensional analysis based on Butterfield (2001)
method for uplift factors
Butterfield, (2001) stated that, if V= {v1, v2, … , vn} are the primary variables of
considered system, dimensional analysis minimizes the dimension space by combining
them into N dimensionless groups. If m required independent dimensions for specifying
all components of V, is defined by D= {d1, d2, … , dm}, then the Buckingham  theorem
states that an equation describing a phenomenon and involving n independent
parameters (primary variable) and m independent dimensions can be reduced to a
simpler equation involving n-m dimensionless numbers built on the n parameters (Fox
et al., 1992). Butterfield (2001) suggested that the Buckingham  theorem established
that N ≥ n-m.
By ensuring that inessential variables are excluded (i.e. minimizing n) together with
including as many relevant independent dimensions as possible (i.e. maximizing m), N
can be minimized (Butterfield, 2001). On the other hand, Bridgman (1931) showed that,
for any set V, there is at least one set D (Dmin) for which (n-m) generates a value of N
that cannot be reduced any further. This set of dimensionless groups (DGs) can then be
assumed from Dmin and the dimensions of the components of V; that is to say, if D is
chosen to be other than Dmin, then a dimensional analysis can either not be achieved or
the resulting DGs will be incomplete (Butterfield, 2001).
Butterfield (2001) created an algorithm to perform a successful dimensional analysis.
He considered the following steps to capture the essential features of a successful
solution to a dimensional analysis problem. This algorithm is summarized in Table C- 1

1. V contains the independent variables {v1 … vn} assumed to govern the system
being studied. (R, Q, S, P, O) are sub lists of V.
2. R comprises the variables (v1 … vo) from V, which all have non-zero distinct
dimensions.
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3. P includes variables (vo+1 … vp), which have non-zero, non-distinct dimensions.
If the dimensions of some of the variables repeat only one of them will appear in
R and all the others are consigned to P.
4. O contains variables with zero dimension (vp+1 … vn).
5. D is a possible set of m independent (primary or secondary) dimensions (d1 …
dm).
6. Q is any set of variables (v1 … vm), selected from R, from which a DG cannot be
formed

Table C- 1. Tableau for the basic formation
V
R
Q

d1

a1
v1
c11

P

S
am
vm
c1m

ao
vo
c1o

A
(m x m)

D
dm

cm1

ap
vp
c1p
B

cmm

cmo

O
an
vn
c1n

(m x n-m)
cmp

cmn

Application to the pipe uplift problem:
The system to be studied is that for the net ultimate uplift capacity per unit length of a
2D pipe (Wu), embedment depth (H), diameter of the pipe (D), embedment ratio (H/D),
multiply of embedments and diameter of pipe (HD), effective unit weight of the soil
(′), lateral earth pressure coefficient (K), tangent of effective peak angle of internal
friction (tan ′pk), relative density ( ID), dilatancy index (IR) and (H/D. tan ′pk).
In this case the rank of A=2 and therefore for D min, m = 2; this means that Q has to be a
pair of variables selected from R, say {Wu, ′.
Dmin = [MT-2, L] is a possible, two component, choice of (secondary), dimensions from
which an admissible tableau (with a non-singularity [A] matrix) can be assembled as in
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Table C- 2. Note that this choice of Dmin is not unique and many other combinations of
(M, L, T) might be used.
Table C- 2. Admissible tableau (D=2)
H/D
Wu
H
D
HD
′
-2
0
MT
1
1
0
0
0
0
L
0
-2
1
1
2

ID
0
0

IR
0
0

K
0
0

tan ′pk
0
0

H/D tan ′pk
0
0

A solution using the [A] and [B] matrices from this tableau will lead to nine DG’s. The
nine groups of (m+1) variables from which the DG’s are to be compiled are always the
repeated set plus one from the isolated set and they are evidently (Wu, ′, H), (Wu, ′,
D), (Wu, ′, HD), (Wu, ′, H/D), (Wu, ′, ID), (Wu, ′, IR), (Wu, ′, K), (Wu, ′, tan ′pk)
and (Wu, ′, H/D. tan ′pk), from which the DG’s can be found directly as:
(Wu/(′H2)), (Wu/(′D2)), (Wu/(′ HD)), (H/D), (ID), (IR), (K), (tan ′pk) and (H/D.tan

′pk).
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Appendix D: Additional plots for pipeline uplift database
The variation between the normalised mobilisation distances (/H) versus embedment
ratio (H/D) is shown in Figure D- 1. The range of variation of mobilisation distances in
loose sand is between 0.007H and 0.083H, with an average of 0.033H and is between
0.003H and 0.031H, with an average of 0.013H in dense sand.
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Figure D- 1. Variation of normalised mobilisation distance versus embedment ratio

The variation of normalised uplift force (N=Wu/(HD)) versus relative density (ID),
tangent of effective peak friction angle (tan ′pk), dilatancy index (IR) and the product
(H/D. tan ′pk) is shown here for the overall dataset mentioned in Section 3.7.3. These
show varying degrees of correlation, with the best occurring between N and H/D.tan
′peak. The maximum uncertainties for the tests performed herein have been calculated
with the partial derivative method (Appendix E). These errors are of the order of 0.13
for N.
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Figure D- 2. Variation of the N against relative density

12
loose sand

10

N=Wu/(HD)

8

dense sand

N = 2.8312tan'peak + 0.6769
R² = 0.4094

6

gravel

4
2
0
0.5

1

1.5
tan 'peak

Figure D- 3. Variation of the N against tan’peak

2

332

12
loose sand

10
dense sand

N=Wu/(HD)

8
N = 0.5084IR + 2.3345
R² = 0.4792

6

gravel

4
2
0
0

2

4

6

8

IR

Figure D- 4. Variation of the N against dilatancy index
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Appendix E: Propagation of uncertainty
Source of uncertainties in the experimental measurements in this thesis are generally
come from fluctuation or errors in load, displacement, spatial and density measurements
due to lack of perfect precisions in the measuring instrument (including the observer).
In statistics, propagation of uncertainty (error) of a function is based on the uncertainties
of its variable. For the experimental measurement variables, the uncertainties are the
measurement limitations (or instrument precisions) which propagate to the combination
of variables in the function. The uncertainties are usually defined by the absolute error
(ΔX) or sometimes may be defined by the relative error (ΔX/X). All of the uncertainties
in this thesis are defined by absolute error.
For a given function of X=f (A, B, C…), the absolute error can be estimated by
expanding the X about its original value (Xo) in a Taylor series (Bevington and
Robinson, 1992). The first term in the Taylor expansion gives:

X 

f
f
f
. A 
. B 
. C  ...
A
B
C

(E-1)

where ΔA, ΔB and ΔC are absolute errors of variables A, B and C. The terms ∂f/∂A,
∂f/∂B, ∂f/∂C are partial derivatives of X, with respect to each of the variables A, B, and
C, evaluated at the point Ao, Bo,and Co. The ∂f/∂A, for example, is evaluated with other
variables B and C held fixed at the values Bo and Co. This approximation neglects
higher-order terms in the Taylor expansion, which for small errors found in this thesis a
correct assumption. The following shows the uncertainties calculation (instrument
precisions) for the experimental measurements variables and the combination of
variables in the functions (chapter 3):
ΔH=1E-3 (m)
ΔL= 1E-3 (m)
ΔD=1E-4 (m)
ΔF=4.43E-2 (N)
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ΔM=1E-4 (kg)
ΔW=9.81E-4 (N)
Δ=1E-5 (m)
ΔA=1E-4 (m)
ΔB=1E-4 (m)
ΔV=/4[ΔA.B2+2A.ΔB.A]=1.64E-7 (m3)
Δ′=Δ(W/V)=(ΔW.V+ΔV.W)/V2=377.46 (N/m3)
ΔWu=Δ(F/L)=(ΔF.L+ΔL.F)/L2=0.5 (N/m)
ΔWm= ΔWu=0.5 (N/m)
Δ(H/D)= (ΔH.D+ ΔD.H)/D2=5E-2
Δ(D/h)= (ΔD.h+ Δh.D)/h2=1.1E-3
Δ(/D)=(Δ.D+ ΔD./D2=3E-4
Δ(/H)=(Δ.H+ΔH./H2=5E-4
Δ(Nu)=Δ(Wu/(′HD))=0.13
Δ(Wu/(′H2))= 0.16
Δ(Wu/(′D2))= 5.11
Δ(Wpr)Schaminee= 21 (N/m)
Δ(Wpr)modified Schaminee= 43.1 (N/m)
Δ(Wpr)White= 21 (N/m)
The following shows the uncertainties calculation (instrument precisions) for the
experimental measurements variables and the combination of variables in the functions
(chapter 4):

Δ(Zs)= 1E-5 (m)
Δ(Zs/D)= (ΔZs.D+ ΔD.Zs/D2=1.8E-3
Δ(qcA/qcB)= (Δ qcA. qcB + Δ qcB. qcA/D2=8.2E-5
Δ(d50)= 5E-4 (m)
Δ(d50/D)= (Δd50.D+ ΔD.d50/D2=1.5E-2
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Appendix F: Comparison between different patch sizes in PIV
results of gravel
To investigate the effect of the various patch sizes on the PIV analysis results for the
gravel soil, a series of PIV analysis trials were performed for a specific gravel case
(with 5.4 D, overburden 3.5 kPa, point A). Patch sizes from 64 x 64 pixels (equivalent
to approximately 0.8 d50) to 512 x 512 pixels (equivalent to approximately 6.4 d50).
Each pixel in these figures is approximately 0.1 mm. These compare to patch sizes of
approximately 12.8 d50 for coarse sand (for a 64 x 64 pixel case). The results of 64 x 64
pixels, 128 x 128 pixels and 256 x 256 pixels patches are shown below in Figure F- 1 to
Figure F- 3.

Figure F- 1. Shading contours of “gravel 5.4 D, overburden3.5 kPa, point A” with patch
sizes of 64 x 64 pixels
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Figure F- 2. Shading contours of “gravel 5.4 D, overburden3.5 kPa, point A” with patch
sizes of 128 x 128 pixels

Figure F- 3. Shading contours of “gravel 5.4 D, overburden3.5 kPa, point A” with patch
sizes of 256 x 256 pixels

The general heterogeneity of the displacement pattern is still evident in each case, with
the locations of the peak displacement being represented in all of the images. Hence a
uniform patch size of 64x64 pixels was chosen for all of the gravel cases to reduce
computational time and maintain uniformity with the sand cases, which used a 64 x 64
pixel patch. Note that the 512 x 512 pixel patches (equivalent to 1.55D of the pipeline)
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lost much of the displacement localisation information and the output is not shown
herein. Larger patch sizes produced errors in the MATPIV software output and were not
analysed further.
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